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Vorwort des Herausgebers 
Das vorliegende Heft 29 der Schriftenreihe Geotechnik des Fachgebiets Geo-
technik der Universität Kassel dokumentiert die wissenschaftliche Arbeit von 
Herrn Dr.-Ing. Abdulaziz Osman Abdelkadr, der sich mit dem zyklischen Materi-
alverhalten und dem Verflüssigungspotential von schluffigem Sand beschäftigt 
hat. 

Der Begriff Verflüssigung (liquefaction) bezeichnet Vorgänge in wassergesättig-
ten, i.d.R. locker gelagerten Böden, bei denen es unter monotoner oder zyklischer 
Belastung zu einer Abnahme der Scherfestigkeit, ggf. bis zum vollständigen Ver-
schwinden, und großen Verformungen kommt. Ein Zustand der Verflüssigung tritt 
ein, wenn die effektive Spannung im Boden erheblich reduziert wird. Weltweit sind 
eine Vielzahl von Fällen dokumentiert, in denen es während Erdbeben und den 
daraus resultierenden zyklischen Einwirkungen zu Bodenverflüssigungen kam, 
die große Schäden verursachten. In Äthiopien, dem Heimatland von Herrn Dr. 
Abdelkadr, wurden aufgrund seiner geographischen Lage im ostafrikanischen 
Grabensystem EARS (East African Rift System) in der Vergangenheit starke und 
zerstörerische Erdbeben verzeichnet, die den Bedarf für Prognosemodelle, die es 
erlauben Auswirkungen solcher seismischen Ereignisse wie z. B. Bodenverflüs-
sigungen vorherzusagen, verdeutlichen. Die häufig verwendeten vereinfachten 
Ansätze zur Vorhersage der Stabilität wassergesättigter Böden, die auf dem Ver-
gleich des z. B. mit Hilfe von SPT- oder CPT-Versuchen abgeschätzten zykli-
schen Spannungswiderstand des Bodens und der zyklischen Scherspannung, die 
während eines Erdbebens erwartet wird, beruhen, sind insofern problematisch, 
da Porenwasserüberdrücke, die im Verflüssigungsprozess eine maßgebliche 
Rolle spielen, nur indirekt über reduzierte Festigkeitswerte berücksichtigt werden 
können.  

Hier setzt die Forschungsarbeit von Herrn Dr. Abdelkadr an, der das zyklische 
Materialverhalten und das Verflüssigungspotenzial eines typischen schluffigen 
Sandes aus seiner Heimatregion Mekelle untersucht. Dazu wurden zunächst La-
borversuche, insbesondere zyklische und monotone Triaxialversuche, durchge-
führt, mit denen Korrelationen zwischen dem Porenwasserdruckverhältnis und 
der mittleren effektiven Spannung, zwischen dem zyklischen Spannungsverhält-
nis und der Anzahl der Zyklen bei Beginn der Verflüssigung, zwischen der Lage-
rungsdichte und der zyklischen Festigkeit sowie zwischen dem zyklischen Span-
nungsverhältnis und der Sicherheit gegen Verflüssigung hergeleitet wurden. Auf-
bauend auf den Laborversuchen hat Herr Dr. Abdelkadr auf Grundlage umfang-
reicher numerischer Parameterstudien, bei denen Elementversuche simuliert 



 

 

wurden, für das Versuchsmaterial Kennwerte für das hypoplastische Stoffgesetz 
nach von Wolffersdorff mit Berücksichtigung der intergranularen Dehnungen mit 
dem ISA-Ansatz bestimmt. Abschließend wurden FE Berechnungen zum Trag-
verhalten eines aus dem Versuchsmaterial aufgebauten Damms unter Erdbeben-
belastung durchgeführt und die Ergebnisse im Hinblick auf Beschleunigungen, 
Verschiebungen und Porenwasserdrücke interpretiert. 

Mit der vorliegenden Arbeit hat Herr Dr. Abdelkadr einen wichtigen Beitrag für das 
Verständnis des Verflüssigungspotentials von schluffigem Sand geleistet. Seine 
experimentellen und numerischen Studien bilden eine gute Grundlage für zukünf-
tige Untersuchungen in diesem Forschungsgebiet. 

Dem äthiopischen Ministerium für Wissenschaft und Hochschulbildung (MoSHE), 
dem Deutschen Akademischen Austauschdienst (DAAD) und der Universität 
Kassel sei für die finanzielle Unterstützung der Arbeit ganz herzlich gedankt. 
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1 Introduction  

1.1 Background   
Worldwide there are several cases where soil liquefaction during earthquake 
events has caused major damages (Dobry & Abdoun 2017). Moreover, soil lique-
faction induced landslides, settlements, ground deformations, slope failures, etc. 
triggered by construction activities, traffic loading, and volcanic eruptions are also 
threats to humans as well as to the natural and built environment (Rahemi 2017). 
The rapid growth of urban areas and infrastructure with little or no consideration 
of these phenomena has increased their vulnerability to geohazards.  

Historically, the term liquefaction has been used in a broad sense to indicate a 
variety of incidents involving the deterioration of shear resistance and stiffness 
due to static and dynamic loading of saturated soils (Kramer 1996). A state of 
liquefaction occurs when the effective stress of soil is significantly reduced caus-
ing loss of shear strength or when the soil at low strength shows excessive defor-
mation (Castro & Poulos 1977). Soil liquefaction may be induced either by endog-
enous or non-endogenous sources (Wichtmann 2016). Figure 1.1 shows cyclic 
stress conditions in soils due to traffic and earthquake loading, respectively. The 
cyclic loading of soil caused by an earthquake that propagates shear waves is 
endogenous while the cyclic loading caused by traffic, machines, constructions, 
etc. is non-endogenous as defined by Wichtmann (2016). In both cases, the cyclic 
loading can lead to the accumulation of excess pore water pressure which is likely 
to induce soil liquefaction (Wichtmann 2016). 

 
Figure 1.1 Cyclic stress conditions after Wichtmann (2016) 
 

(a) Wheel passing on the ground surface

(b) Earthquake loading

Traffic loading
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1.2 Earthquake measurement scales 
There are two commonly used scales to measure earthquakes at a site: magni-
tude and intensity scales. A magnitude is a scale number that characterizes the 
relative size of an earthquake and is based on the measurement of the maximum 
motion recorded by a seismograph (USGS 2019). Several magnitude scales have 
been defined, but the most common ones are (1) local or Richter magnitude, ML, 
(2) surface-wave magnitude, Ms, (3) body-wave magnitude, Mb, and (4) moment 
magnitude, Mw. The Mw scale, based on the concept of seismic moment, is uni-
formly applicable to all sizes of earthquakes and it is used in most engineering 
applications (Youd et al. 2001; USGS 2019). Thus, in this thesis, the term magni-
tude refers to the moment magnitude Mw unless stated otherwise. The intensity 
scale is a measure of the shaking and damage caused by an earthquake. It de-
scribes the severity of an earthquake in terms of its effects on humans and the 
built environment. The scale most frequently used is the Modified Mercalli scale 
(MMI) with levels of I (not felt) to XII (highly damaging) (USGS 2019). 
 

1.3 Seismicity in East Africa  
Seismicity in East Africa is a widespread phenomenon (Herbert 2014). The East 
African rift system (EARS) is a region of continental breakup marking the incipient 
plate boundary between the Nubian and Somalian plates stretching from Djibouti 
to Mozambique (Bonini et al. 2005). Within the EARS, the majority of the events 
occur at shallow depths (10 km to 25 km) and are characterized by earthquakes 
or volcano tectonics (USGS 2019). The EARS is a 50 km to 60 km wide and 3000 
km long Cenozoic age continental rift which starts in northern East Africa and 
extends to the Turkana area at the Kenyan-Ethiopian border (USGS 2019). The 
EARS led to the separation of the Nubian and Somalian plates and Arabian plates 
in the Red Sea and the Gulf of Aden, respectively. Figure 1.2 shows the major 
plates and movements around the EARS. 

Historically, the strongest earthquake occurred along the Arabian-Nubian plate 
boundary at Afar in August 1989 because of a slip-on conjugate normal faults at 
a depth shallower than 15 km. The deepest earthquake ever recorded on the Af-
rican continent occurred at a depth of approximately 62 km within the EARS in 
1978 (USGS 2019).  

As part of the EARS, the Main Ethiopian Rift (MER) (see Figure 1.2) represents 
the link between the Afar triple junction and the Kenyan rift regions. It crosses 
Ethiopia through its central part (Bonini et al. 2005). 
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Figure 1.2  The EARS and MER set up modified after Bonini et al. (2005) 
 

1.4 Seismicity in Ethiopia 
Ethiopia, particularly because of its location near the EARS, geology, urbaniza-
tion, and other infrastructure developments, is subject to frequent natural and 
man-made disasters (Abebe 2010). Specifically, it is among the most seismically 
active regions in East Africa due to the Main Ethiopian Rift (MER) and the Afar 
margin faults. Within the EARS, the MER runs roughly in the North-East direction. 
The MER includes a series of rift segments extending from the Afar triple junction 
at the Red Sea-Gulf of Aden intersection to the Kenya rift with a width of approx-
imately 80 km in its central part and a length of approximately1000 km (Abbate et 
al. 2015) (Figure 1.2). It is characterized by active extensional tectonics accom-
modating a relative movement of 6 mm/year to 7 mm/year between the Nubian 
and Somalian plates (Bonini et al. 2005). 

Historically, strong and harmful earthquakes have been recorded inside Ethiopia 
and near its borders (Williams 2016). Herbert (2014) extracted a total of ten major 
earthquakes and volcanic eruptions from the disaster database EM-DAT from 
1900 to 2013. The report indicated a total of 93 deaths, 165 injuries, 420 home-
less, and affecting about 11,000 people with acute economic impacts. Other 
sources such as Abebe (2010) identified a total of 16 recorded earthquakes in 
Ethiopia in the same period. Specifically, the Langano earthquake in 1906 with a 
local magnitude ML = 6.8, the Kara Kore earthquake in 1961 with ML = 6.4 and 
the Serdo earthquake in 1969 with ML = 6.5 have caused damage to structures 
and changes in landscapes (Williams 2016). Recently, an earthquake in the Afar 
triple junction, 58 km east of the city of Mekelle, was recorded on April 24, 2018, 
with ML= 5.2. It occurred at a shallow depth of about 10 km below the active 

Legends:
EARS

MER

Relative plate velocities

Absolute plate velocities



4 Introduction

spreading segment with no associated damages (USGS 2019). Thus, while the 
above reports intend to indicate the vulnerability of Ethiopia to earthquakes and 
volcanic eruptions, it is important to note that data collected in these areas is lim-
ited and it is assumed that many events have not been properly reported (Herbert 
2014). Figure 1.3 contains a map of epicentres of earthquakes in Ethiopia with ML

≥ 4.0 between 1900 and 2012. Figure 1.4 illustrates the typical aftermaths of the 
1969 Serdo earthquake that resulted in the crumbling of masonry buildings (Fig-
ure 1.4(a)) and the tilting of a concrete water tower by about 5° (Figure 1.4 (b)) as 
documented by Williams (2016). 

Table 1.1 compiles typical earthquakes and their effects in Ethiopia for the period 
from 1969 to 2018. 

Figure 1.3 Epicentres of major earthquakes in Ethiopia after Williams (2016)

Figure 1.4 Damages due to the 1969 Sedro earthquake after Williams (2016)

Legends:
MER and Afar margin faults

Afar volcanic ranges

Epicentres of earthquakes

Major earthquakes

Epicentres of earthquakes in Ethiopia

(a) Masonry buildings (b) Concrete tower
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Thus, considering the seismic activities, Ethiopia is prone to earthquakes and vol-
canic eruptions (Samuel et al. 2011). It is, therefore, pressing to assess the scale 
of related problems to take precaution steps necessary to minimize damage to 
lives and property. Because of this seismic vulnerability, Ethiopia is divided into 
six zones with zone-0 being no risk to zone-5 of highest risk (EC EN 1998-8 2015). 
Figure 1.5 (a) shows the seismic hazard map of the EARS with peak ground ac-
celerations, PGA. Figure 1.5(b) indicates specific PGA values for seismic analysis 
of structures used in the Ethiopian design code (EC EN 1998-8 2015). 

 
Figure 1.5 Seismic hazard map after EC EN 1998-8 (2015) 
 

1.5 Other liquefaction triggering activities in Ethiopia 
The population and economic growth in Ethiopia have led to increased urbaniza-
tion and more people who are poorly prepared for potential earthquakes and vol-
canic hazards are living close to the active rift edges. Moreover, significant phys-
ical infrastructure developments such as highways, railways, high-rise buildings, 
large-span bridges, concrete and earth dams, towers, etc. are ongoing with low 
perception to risk and/or absence of alert systems making the public more vulner-
able to disasters (Abebe 2010). As explained in previous sections, not only earth-
quakes but also traffic, construction activities, blasting, impact loads, vibrations, 
etc. can cause liquefaction of soils (Baki et al. 2015). Hence, the simultaneous 
existence of seismic and/or other triggering events that can impose significant 
stress changes to the underlying soil under saturated conditions can lead to soil 
liquefaction.  
 

 

(a) East Africa (b) Ethiopia
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Table 1.1 Major earthquakes in Ethiopia and their effects 

 

Although loose, saturated cohesionless soils are most susceptible to liquefaction, 
there is strong evidence that soils containing fines such as silty sands (which are 
abundantly available in nature) are also prone to liquefaction during earthquakes 
and other triggering events because of their ability to generate a significant 
amount of pore water pressures (Rahman 2009).  

Hence, the evaluation of the liquefaction potential of a site is necessary before 
starting any triggering activities to avoid serious hazards due to earthquakes or 
other factors that otherwise may end up in disaster. Therefore, there is a need to 
improve the basic understanding of the technical, financial, and social risks posed 
by geohazards such as earthquakes and/or other triggering activities and to pro-
vide early warning systems. 
 

Year Place Magnitude Effects References 

1969 Serdo 6.4 24 people were killed, 165 in-
jured, houses damaged 

Williams 
(2016) 

1979 Akaki 4.1 Cracks to poorly built masonry 
structures 

Samuel et al. 
(2011) 

1985 Langano 6.2 Strongly felt in lake Langano & 
cracks in the near building 

Herbert 
(2014) 

1987 Hammer & Gofa 6.2 Cracks in buildings, birds were 
shaken off trees to wake up    

Herbert 
(2014) 

1989 Dobi graben 6.2 Several bridges damaged Samuel et al. 
(2011) 

1989 Mekelle 5.3 Felt by many causing some 
panic 

Samuel et al. 
(2011) 

1993 Nazret  
(Adama) 

6.0 Collapse of buildings in Adama 
and felt as far as Addis Ababa  

Herbert 
(2014) 

2002 Mekelle  5.2 Buildings shaken in the city of 
Mekelle 

USGS (2019) 

2009 Ankober 5.0 Widely felt by residents of high-
rise buildings in Addis Ababa  

Herbert 
(2014) 

2010 Hosanna 5.3 Damages to many buildings in 
Hosana 

Williams 
(2016) 

2011 Ethio-Somal  
Border 

6.1 Buildings shaken in Diredawa & 
Jigjiga 

Herbert 
(2014) 

2018 Mekelle 5.2 No damage but shaking felt by 
many residents of Mekelle 

USGS (2019) 
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1.6 Motivation and scope of the study 
A fundamental understanding of the liquefaction process is vital to improving cri-
teria and methods to predict the collapse of saturated soils, to improve the trig-
gering analyses, to develop mitigation measures, and to evaluate the effective-
ness of possible rehabilitation techniques (Lade & Yamamuro 1999).  

The simplified procedure proposed by Seed & Idriss (1971) is commonly used as 
a state-of-practice method and it is based on the comparison of the cyclic stress 
resistance of soil determined from in-situ tests (e.g. standard penetration tests, 
SPT, cone penetration tests, CPT, shear wave velocity, Vs) with equivalent cyclic 
shear stress expected to occur during an earthquake (Youd et al. 2001). For a 
given depth, liquefaction is assumed to occur if the equivalent cyclic shear stress 
exceeds the cyclic stress resistance (Byrne et al. 2004). This analysis does not 
improve the basic understanding of the liquefaction process due to its inability to 
consider pore water pressures in the prediction of liquefaction. 

Significant progress has been made in the last decades in the simulation of the 
fundamental relationships of stress, strain, and pore pressure of soils under static 
and cyclic loading conditions using numerical approaches (Nie et al. 2016). More-
over, advancements in instrumentation, sensors, and data acquisition have re-
sulted in high-quality experimental data that are fundamental for the development 
of a variety of constitutive models. However, comparisons of the experimental and 
numerically simulated soil behaviour in element tests have revealed that there are 
still deficiencies in the available constitutive models implying the need for further 
research in this field (Hleibieh & Herle 2019). A suitable constitutive model must 
include pressure and density effects on the soil behaviour, the stiffness evolution 
in the small strain range as well as during stress-strain reversals and hence must 
be able to represent the hysteretic loop during cyclic or dynamic loading (Hleibieh 
& Herle 2019). 

Thus, in this study experimental and numerical investigations have been carried 
out with the emphasis on studying the behaviour and liquefaction state of typical 
silty sand sampled from the Mekelle area in Ethiopia under monotonic and cyclic 
undrained loadings. Experiments have been carried out to measure the pore pres-
sure accumulation, deformation characteristics and related effective stress paths. 
A numerical model was then used to simulate the behaviour and liquefaction state 
associated with the changes in the stress-strain-pore pressure levels by means 
of the finite element method (FEM) using the FE code Tochnog (Tochnog Profes-
sional Company 2021).  
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1.7 Organization of the thesis 
Following the introduction in Chapter 1, a review of the studies focusing on soil 
liquefaction, case histories, mechanism, susceptibility, triggering factors and ef-
fects, static and cyclic behaviour of clean sand and silty sand with evaluation pro-
cedures for liquefaction potential is presented in Chapter 2. 

In Chapter 3, the material properties of typical silty sand used for this study are 
presented. The procedures adopted for sampling and their limitations are de-
scribed.  

Chapter 4 presents the test programs, testing procedures and analyses methods 
used for test data interpretation along with the results of both drained and un-
drained triaxial monotonic tests.  

Chapter 5 consists of the test programs, procedures, methods for analysis, and 
responses of undrained cyclic triaxial tests. The effects of various parameters in-
fluencing the cyclic responses are presented and discussed. 

In Chapter 6, a numerical model within the framework of hypoplasticity is dis-
cussed. Generic properties, model parameters and calibration procedures, FE 
based element tests and results are presented. The modifications of hypoplastic-
ity to include the effects of cyclic loading through the concept of intergranular 
strain (IS) and intergranular anisotropy (ISA) are also discussed. Comparisons of 
the test results and the FE simulations are included. 

Chapter 7 presents a 2D embankment boundary value problem simulation for 
studying the dynamic behaviour and liquefaction potential. The derivation of input 
parameters, analyses procedures, model verifications and responses under dif-
ferent initial conditions are included. FE calculations are compared with the re-
sponses of the cyclic triaxial tests in leu of cyclic behaviour and liquefaction po-
tential. 

Finally, Chapter 8 presents the summary and outlook of the dissertation. The ma-
jor conclusions derived from the experimental and numerical analysis are sum-
marized. Limitations of this study and envisaged future works are also indicated 
at the end of Chapter 8. 
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2 Literature review

2.1 Soil liquefaction engineering
Over the past decades, major advances have occurred in both understanding and 
practice regarding the assessment and mitigation of hazards associated with seis-
mically induced soil liquefaction. Soil liquefaction engineering has evolved into a 
sub-field of engineering for the assessment and mitigation of seismically induced 
soil liquefaction hazards (Seed et al. 2003). This new sub-field is mainly con-
cerned with pre-and post-liquefaction phenomena as depicted in Figure 2.1. The 
progress in the assessment of the liquefaction phenomena has been pushed 
largely through lessons and data provided by a series of major earthquakes over 
the years, as well as by the research and professional determinations stimulated 
by recent major seismic events. The field of soil liquefaction engineering is now 
beginning to merge into an internally consistent and comprehensive framework 
(Youd et al. 2001).

As can be seen from the flow chart in Figure 2.1, the key elements in soil lique-
faction engineering comprise five major steps. The first step is to assess the initi-
ation of liquefaction and to determine if soils of interest are potentially liquefiable 
or not. For this purpose, various criteria have been developed over the decades 
that will be discussed in later sections. For potentially liquefiable soils, the next 
step involves the assessment of triggering factors for the evaluation of liquefaction 
potential for which several empirical, experimental, and theoretical methods have 
been proposed. If triggerable and liquefiable, then the evaluation of post–lique-
faction strength, stability, deformations, and displacements follow based on vari-
ous factors such as loading and drainage conditions. From the results of the post-
liquefaction assessment, the consequences of the liquefaction-induced defor-
mations and displacements are evaluated. The final step is to limit the conse-
quences of liquefaction through the implementation of mitigation measures. 

Figure 2.1 Elements of soil liquefaction engineering after Seed et al. (2003)

(1)
Assessment 
on initiation of 
liquefaction
(susceptibility 
to liquefaction)

(2)
Assessment of 
triggering 
factors
(evaluation of 
liquefaction 
potential)

(3)
Assessment on 
post-
liquefaction 
(evaluation of 
deformation &  
displacement)

(4)
Assessment 
on effects of 
liquefaction-
induced 
deformation &  
displacement

(5)
Implementation 
of engineered 
mitigation 
measures, if 
necessary
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2.2 Historical earthquakes that induced soil liquefaction  
Liquefaction case histories can be used to assess site conditions susceptible to 
liquefaction in future earthquakes. Soil liquefaction has been studied in the field 
over the past decades following the drastic damages during the 1964 Niigata and 
Alaska earthquakes (Baziar et al. 2011). Recent significant earthquake events in 
different parts of the world such as in Maule, Chile with Mw = 8.8 on February 27, 
2010; in Tohoku, Japan with Mw = 9.0 on March 11, 2011; and the 2010 – 2011 
Canterbury earthquakes with Mw ≥ 7.1 affecting Christchurch, New Zealand and 
its surrounding areas have also provided additional soil liquefaction data useful 
for further studies. Some of the strong historical earthquakes that triggered soil 
liquefaction are compiled in Table 2.1. 

Table 2.1 Typical strong earthquakes that triggered soil liquefaction 
Year Place Magnitude & intensity   Reference 

1964 Alaska, USA ML = 9.2, MMI = XI Ray & Ghosh (2016) 

1964 Niigata, Japan Mw = 7.6, MMI = VIII Ray & Ghosh (2016) 

1971 San Fernando, USA Ms = 6.5, MMI = XI USGS (2019) 

1980 Chlef City, Algeria Ms = 7.2, MMI = XI Belkhatir et al. (2010a) 

1983 Nihonkai-Chubu, Japan Mw = 7.8, MMI = VIII USGS (2019) 

1985 Mexico Mw = 8.0, MMI = IX USGS (2019) 

1989 Loma Prieta, USA Mw = 6.9, MMI = IX Ray & Ghosh (2016) 

1995 Kobe, Japan Mw = 6.9, MMI = X Wei et al. (2010) 

1999 Kocaeli/Marmara, Turkey Mw = 7.6, MMI = IX Baziar et al. (2011) 

1999 Chi-Chi, Taiwan Mw = 7.7, MMI = IX USGS (2019) 

2001 Bhuj, India Mw = 7.7, MMI = X USGS (2019) 

2007 Peru Mw = 8.0, MMI = VIII USGS (2019) 

2010 Maule, Chile Mw = 8.8, MMI = VIII-IX USGS (2019) 

2011 Tohoku, Japan Mw = 9.0, MMI = IX USGS (2019) 

2011 Christchurch,  
New Zealand 

Mw = 7.1, MMI = VIII Papathanassiou et al. (2015) 

2012 Emilia, Italy Mw = 6.1, MMI = VII Papathanassiou et al. (2015) 

2015 Gorkha, Nepal Mw = 7.8, MMI = VIII Ray & Ghosh (2016) 

2016 Kumamoto, Japan Mw = 7.0, MMI = IX USGS (2019) 
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2.3 Definition and mechanism of liquefaction  
2.3.1 Definitions of liquefaction 
Kramer (1996) referred to liquefaction as one of the most complicated and de-
bated topics in geotechnical engineering explaining various contrasting, but re-
lated phenomena. The liquefaction phenomena were defined by various re-
searchers following different historical events. Hazen used the term “liquefy” to 
describe a liquefaction-related phenomenon observed at Calaveras dam in 1920 
(Rahemi 2017). The term "spontaneous liquefaction" was used by Terzaghi and 
Peck in 1948 to explain the sudden loss of strength in loose saturated sand that 
caused landslides (Terzaghi et al. 1996). However, liquefaction and its conse-
quences have not been fully understood until the 1964 Niigata earthquake that 
resulted in the tilting and sinking of the buildings founded on saturated sandy soils 
due to liquefaction (Ertek & Demir 2017). Castro & Poulos (1977) defined the liq-
uefaction process as a phenomenon wherein saturated sand loses a large fraction 
of its shear resistance (due to static or cyclic loading) and flows in a manner re-
sembling a liquid until the shear stress acting on the mass is as low as its reduced 
shear resistance. A comparison of the different definitions shows that liquefaction 
is mainly recognized as the occurrence of rapid deformation when a mass of sat-
urated or partially saturated cohesionless soil loses its strength due to the gener-
ation of excess pore pressure and reduction in effective stress. Following several 
studies made on the issue of liquefaction, researchers have devised a common 
definition that it is a phenomenon involving a significant reduction in effective 
stress due to the build-up of pore water pressure accompanied by excessive 
strain when saturated soils are subjected to undrained static or cyclic loading 
(Kramer 1996; Youd et al. 2001; Unutmaz 2008). 

2.3.2 Mechanism of liquefaction 
Soil is an assembly of particles which are in contact with each other forming a soil 
skeleton and voids. The mechanism of liquefaction is schematized in Figure 2.2. 

 
Figure 2.2 Schematic of the liquefaction process after Rapti (2016)  
 

Note: the circles represent soil particles

Undrained

τ
(a) Initial state: pre-shearing        (b) Shearing: excess PWP        (c) Final state: post-shearing

Drainage

τ
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Consider the pre-and post-shear loading configuration in Figure 2.2 for soils ini-
tially in a loose state. The contact forces induced by the overlying weight of the 
particles hold the individual soil particles in place and provide strength (Figure 2.2 
(a)). During cyclic or monotonic loading, loosely packed soil particles in saturated 
conditions tend to move and attempt to get a denser configuration (Figure 2.2 (c)) 
(Lade & Yamamuro 1999). However, due to the short duration in case of rapid 
loading (such as earthquakes), excess water is trapped in the voids preventing 
soil particle to particle contact (Figure 2.2 (b)). Hence, there will be an increase in 
the pore water pressure, PWP. This causes losses of the contact forces between 
the individual soil particles which reduces the strength and leads to liquefaction. 
As a result of liquefaction, serious damages to structures constructed on such 
soils are eminent when the excess pore pressure has dissipated, and a denser 
configuration is achieved (Figure 2.2 (c)). 
 

2.4 Failure modes due to liquefaction 
2.4.1 Flow failure 
Flow failures are characterized by the sudden speed with which they develop, and 
the large distance over which the liquefied materials often move (Figure 2.3 (a)). 
The Takarazuka landslide that followed the 1995 Great Hanshin earthquake in 
Kobe, Japan (Figure 2.3(b)) is of this category (Sassa & Fukuoka 2005). 

2.4.2 Loss of bearing capacity 
When the soil supporting a structure liquefies and loses its strength, excess de-
formation leading to large settlements and/or tilting of structures can be the con-
sequences (Figure 2.3 (c)). It also occurs when liquefaction at deeper layers be-
low structures propagates upward via overlying layers and subsequently weakens 
the supporting soil (Kramer 2013). Such failures were observed at the apartment 
buildings in Kawagishi-Cho (Japan) (Figure 2.3 (d)) during the 1994 Niigata Earth-
quake (Kramer 2013). 

2.4.3 Lateral spreading  
The most common type of ground failure by liquefaction is lateral spreading (Kra-
mer 1996). Such failures are common where conditions are favourable for lique-
faction to occur, but the soils are too dense to allow unlimited flow. Limited flow 
involving lateral displacement of large blocks because of liquefaction in underlying 
layers is developed. On the sloping ground, this may allow finite downslope move-
ments toward a free face (Figure 2.3 (e)). Such failures were recently observed in 
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Christchurch (New Zealand) following the 2010-2011 Christchurch earthquakes 
(Maurer et al. 2014; Cubrinovski & Robinson 2015) (Figure 2.3 (f)). 

2.4.4 Excessive settlement  
In the aftermath of liquefaction, settlements may occur as the pore pressure dis-
sipates and the soil consolidates as shown in Figure 2.3(g) (Kramer 2013). The 
building tilted by about 60° during the 1999 Marmara (Turkey) earthquake (Figure 
2.3(h)) belongs to this type of failure category (Firat et al. 2009). 

2.4.5 Ground subsidence  
Deep-seated liquefactions may lead to ground subsidence at the surface by sep-
arating overlying soil blocks and imposing them to push back and forth on the 
liquefied layer. Such failures are normally observed when the ground is too flat to 
permit lateral movement but it is able to produce undulation causing ground sub-
sidence (Figure 2.3 (i)). The decoupled surface layer vibrates in a different mode 
than the underlying firm ground causing fissures to form. The ground subsidence 
due to liquefaction in the Kumamoto earthquake, Japan in 2016 (Figure 2.3 (j)) 
has resulted in such type of failure (Setiawan et al. 2016).   
 

2.5 Factors affecting liquefaction 
In the evaluation of liquefaction and its related consequences, it is of paramount 
importance to identify key factors affecting the liquefaction process, its causes, 
and the behaviour of soil during liquefaction. Hence, soil liquefaction has been 
investigated considering various affecting factors on the behaviour, liquefaction 
potential, liquefaction resistance, etc. aspects. For example, Cubrinovski & Ishi-
hara (2000), Ni et al. (2004), Yang et al. (2006), Lade et al. (2009), Rahman 
(2009), Belkhatir et al. (2010a), Belkhatir et al. (2010b), Belkhatir et al. (2011a), 
Belkhatir et al. (2011b), Belkhatir et al. (2011c), Monkul & Yamamuro (2011), 
Lade & Yamamuro (2011), Bayat et al. (2013), Belkhatir et al. (2014), Sze & Yang 
(2014), Rupam & Malaya (2014)  presented investigated results concerning be-
haviour and liquefaction of different soils. A review of the publications indicates 
that the behaviour and liquefaction state of soils are affected by various factors 
such as age and origin of the soil, compositional characteristics (e.g. particle size, 
shape & type), fine content and plasticity, stress-strain history (e.g. confining 
stress & over consolidation ratio), relative density (e.g. initial density & void ratio), 
characteristics of the loading (e.g. type, intensity, magnitude & number of cycles), 
degree of saturation, the thickness of soil layer and drainage conditions.  
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Figure 2.3 Typical earthquake-triggered soil liquefaction modes and effects  
 

I.       Failure Modes                            II. Typical cases in the field 

(a)   Flow failure 
after Seed et al. (2003)

(d) Loss of bearing capacity, Niigata, 1964
after Kramer (2013)

(c)    Loss of bearing capacity
after Seed et al. (2003)

(b) Landslide, Takarazuka, 1995
after Sassa & Fukuoka (2005)

(f) Lateral spreading , Christchurch,2011
after Cubrinovski & Robinson (2015)

(e) Lateral spreading
(by translation)
after Seed et al. (2003)

(h) Foundation settlement, Marmara, 1999
after Firat et al. (2009)

(g) Excessive settlement
(exacerbated by inertial rocking)

after Seed et al. (2003)

(i)   Ground subsidence (j) Ground subsidence near a house
Kumamoto, Japan, 2016
after Setiawan et al. (2016)

(Localized, non-directionally                     
preferential differential lateral   
displacements)
after Seed et al. (2003)
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Table 2.2 lists examples of investigations carried out on silty sands (sand-fine 
mixtures) considering several factors affecting soil liquefaction. The flow chart in 
Figure 2.4 summarizes the many influencing factors and their relationships. 

 
Table 2.2 Main factors considered in the literature for studying liquefaction   

Factors selected references   
Fines content & plasticity Amini & Qi (2000), Anubhav & Rao (2001), Carraro et al. (2003), 

Hyde et al. (2006), Athanasopoulos & Xenaki (2008), Maheshwari & 
Patel (2010), Belkhatir et al. (2010b), Belkhatir et al. (2011b), 
Marques et al. (2012), Wang et al. (2013), Chen et al. (2014), Meraj 
et al. (2016), Shrivastava & Yadav (2017) 

Grading & composition 
characteristics 

Yamamuro et al. (1999), Cubrinovski & Ishihara (2000), Yang et al. 
(2008), Belkhatir et al. (2011a), Belkhatir et al. (2014)  

Specimen preparation  
and confining stress 

Kwon et al. (2006), Stamatopoulos (2010), Dash & Sitharam (2011), 
Mohanty & Patra (2014), Sze & Yang (2014), Liu & Xu (2015), Lade 
(2016), Wichtmann (2016)  

Relative density (void    ratio 
& related) 

Belkhatir et al. (2010a), Stamatopoulos (2010), Belkhatir et al. 
(2011c), Liu & Xu (2015), Stamatopoulos et al. (2015)  

Loading characteristics Wichtmann et al. (2005), Chiaro et al. (2012), Cetin & Bilge (2012), 
Mohanty & Patra (2014), Baki et al. (2015), Stamatopoulos et al. 
(2015), Wichtmann (2016), Dash & Sitharam (2016), Banerjee et al. 
(2017), Rahemi (2017)  

Degree of saturation & age-
ing 

Paul & Dey (2007), Kokusho et al. (2012), Liu & Xu (2015), 
Ghayoomi et al. (2017)  

 

 
Figure 2.4 Factors affecting susceptibility of soil to liquefaction 
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2.6 Susceptibility of soils to liquefaction 
2.6.1 General remarks 
Liquefaction hazard analysis starts with the evaluation of soil susceptibility to liq-
uefaction so that the triggering and subsequent effects can be investigated. There 
are several criteria such as history, geology, composition, and soil state by which 
liquefaction susceptibility can be evaluated for the various liquefaction mecha-
nisms (Kramer 1996). The historical criteria rely on liquefaction data derived from 
post-earthquake investigations to describe liquefaction susceptibility at a particu-
lar site. The geology criteria consider deposition mode, hydrogeology, and age of 
the soil deposit as factors relevant to the study of liquefaction susceptibility. The 
composition criteria focus on soil properties that influence the volume change 
(e.g. particle size, shape, gradation) while the state criteria consider initial state 
variables (e.g. stress, density).  

In the following sections, the effects of some of these parameters are discussed 
and explained. However, typical liquefaction and related terminologies are first 
discussed in the next subsections. 
 

2.6.2 Terminology and description of terms 
2.6.2.1 Limiting fines content (LFC) 
The limiting fines content, LFC is the maximum amount of fines that can be con-
tained in the void space of sand while maintaining a contiguous skeleton of sand 
particles. The LFC is the transition point below which the soil structure is primarily 
fine grains contained within a sand matrix and above which it is predominately 
sand grains suspended in fines matrix with little, if any, sand particle to particle 
contact. The LFC can be calculated after Hazirbaba (2005):  

 Eq. 2.1 

where Wfines, Wsand = weight of fines and sand; Gfines, Gsand = specific gravity of 
fines and sand; efines, esand = gross void ratio of the fines and sand in sand-fines 
mixture, respectively. 

2.6.2.2 Gross void ratio (e) 
The gross void ratio, e of a soil specimen is the ratio of the volume of voids, VV to 
the volume of the soil solids, VS in the specimen:  
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 Eq. 2.2 

where Gs = specific gravity of the specimen; ρd, ρw = dry density of soil and density 
of water, respectively.  

2.6.2.3 Intergranular (skeleton) void ratio (es) 
The intergranular void ratio, es, also known as the skeleton void ratio, is the void 
ratio that would exist in silty sand if all the fine particles were removed, leaving 
only the sand particles and voids to form the soil skeleton (Thevanayagam 1998): 

 Eq. 2.3 

where FC = fines content in fraction; e = gross void ratio of the silty sand 

2.6.2.4 Equivalent granular void ratio (e*) 
The equivalent granular void ratio, e* is the void ratio combining the fraction of 
fines actively interacting within the sand-fines mixture (Thevanayagam et al. 
2000):  

 Eq. 2.4 

where b = fraction of fines actively transferring forces between soil particles (
). 

2.6.2.5 Static liquefaction resistance 
Liquefaction because of the application of monotonic (noncyclic) shear stresses 
is referred to as static liquefaction. The increase in shear stress under undrained 
conditions required to initiate liquefaction is referred to as the static liquefaction 
resistance of the soil. 

2.6.2.6 Critical state (CS)   
The critical state is defined as the ultimate state of soil when it continues to deform 
at constant stress and constant void ratio (Jefferies & Been 2006). 

2.6.2.7 Steady state (SS)   
The steady state, SS is defined as the state at which soil is continuously deformed 
at constant volume, constant normal effective stress, constant shear stress, and 
constant velocity (Castro & Poulos 1977). 
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2.6.2.8 Instability state of soil 
The instability state of soil is defined as the stress state at the onset of static 
liquefaction during undrained monotonic loading. I.e., it is the state where the de-
viatoric stress mobilizes to a peak value and then continuously reduces towards 
the steady state, SS. 

2.6.2.9 Cyclic liquefaction resistance (CLR) 
The cyclic liquefaction resistance, CLR is the maximum cyclic shear stress that 
can be mobilized before a soil starts to liquefy. 

2.6.2.10 Cyclic stress amplitude (qcyc or qampl) 
The cyclic stress amplitude, qcyc is the maximum net uniform stress imposed on 
the soil during stress-controlled cyclic loading. I.e., the peak-to-peak cyclic stress 
amplitude: 

 Eq. 2.5 

where , = maximum and minimum stresses applied in cyclic loading, re-
spectively. 

Then, the maximum cyclic shear stress,  corresponding to qcyc is defined as: 

 Eq. 2.6 

2.6.2.11 Cyclic stress ratio (CSR) 
The cyclic shear stress ratio, CSR proposed by Seed & Idriss (1971) is the uniform 
cyclic stress normalized by the initial effective overburden pressure. It is defined 
differently for different types of tests. 

In the cyclic triaxial tests, the CSR is, in general, defined as the ratio of the maxi-
mum uniform cyclic shear stress, τcyc to the initial effective confining pressure, .  

In isotropically consolidated cyclic triaxial tests, CSR is defined as: 

 Eq. 2.7 

where  = effective radial consolidation stress;  = effective axial consolidation 
stress. It is to be noted that  due to isotropic conditions. 

For anisotropically consolidated cyclic triaxial tests, CSR is defined by: 

 Eq. 2.8 
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In the cyclic simple shear test or shaking table test, the CSR is defined as the 
maximum cyclic shear stress, τcyc acting on a horizontal plane normalized by the 
effective vertical stress : 

 Eq. 2.9 

2.6.2.12 Pore water pressure ratio (ru) 
In cyclic triaxial tests, the pore water pressure ratio ru is the pore water pressure 
change, Δu generated during undrained loading normalized by the initial minor 
effective consolidation stress :  

 Eq. 2.10 

For cyclic simple shear tests, ru is computed using the initial vertical effective 
stress : 

 Eq. 2.11 

2.6.2.13 Initial liquefaction 
The initial liquefaction as proposed by Seed & Lee (1966) is the state at ru = 100% 
occurring for the first time. I.e., during the initial liquefaction, the pore pressure is 
equal to the initial effective stress for the first time. 

2.6.2.14 Double amplitude axial strain ( DA) 
The double amplitude axial strain is the peak-to-peak cyclic axial strain amplitude. 

2.6.2.15 Cyclic resistance ratio (CRR)  
The cyclic strength is expressed in terms of the cyclic resistance ratio, CRR. CRR 
is defined as the CSR required to cause liquefaction during a specified number of 
loading cycles.  

2.6.3 Effect of particle size distribution  
Early studies generally agreed that soils most prone to liquefaction have smaller 
particle sizes and smaller relative densities for which they could not mobilize suf-
ficient frictional resistance when loaded and they tend to liquefy (Belkhatir et al. 
2010b). So, it was assumed that cohesionless soils are susceptible to liquefaction 
if they possess a loose state with contractive behaviour and low permeability with 
no significant drainage during loading (Sahito & Almani 2015). Such properties 
are affected by particle size, gradation, shape, arrangement and are controlled by 
the deposition, age, and stress history of soil deposits (Terzaghi et al. 1996).  
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Tsuchida (1970) studied particle size distributions of a wide range of liquefied and 
non-liquefied alluvial and diluvial soils post-earthquakes and proposed curves that 
separate liquefiable and non-liquefiable soils as shown in Figure 2.5 (Kramer 
1996). It was presumed that soils having larger particle sizes tend to mobilize 
greater shearing resistance and relieve themselves of the pore pressure faster 
than soils of smaller particle sizes when subjected to static or dynamic loading. 
Terzaghi et al. (1996) reported that natural soil deposits with mean particle sizes, 
D50 < 0.02 mm or D50  > 2.0 mm do not liquefy while mine tailings of crushed rock 
are highly susceptible to liquefaction regardless of whether or not there are sig-
nificant amounts of silt and clay size particles. 

 
Figure 2.5 Ranges of liquefiable and non-liquefiable soils after Kramer (1996) 
 

Kramer (1996) reported that well-graded soils are generally less susceptible to 
liquefaction than poorly graded soils. This is so because the filling of voids be-
tween larger particles by smaller particles in a well-graded soil likely results in 
lower volume change during drained conditions and lower excess pore pressures 
during undrained conditions. Field evidence indicates that most liquefaction fail-
ures have involved uniformly graded soils.  

Belkhatir et al. (2010a) studied the liquefaction susceptibility of saturated sand-
silt mixtures using monotonic and cyclic undrained triaxial tests on reconstituted 
specimens at various relative densities with the intent to investigate the effect of 
grading characteristics. Belkhatir et al. (2010a) used the effective particle size, 
D10 and the mean particles size, D50 for studying the soil gradation effects. The 
results showed that the cyclic liquefaction resistance ratio of the sand-silt mixtures 
linearly decreasing with the decrease of the effective particle size, D10 and the 
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average particle size, D50 as the fines content, FC increased in the tested range 
(FC = 0 to FC = 40 %) as indicated in Figure 2.6. 

 

 
Figure 2.6 Effect of particle size on cyclic resistance after Belkhatir et al. 

(2011a) 
 

Table 2.3 summarizes simple soil assessment criteria for the evaluation of lique-
faction potential based on the composition and index properties of soils. Figure 
2.7 shows the graphical evaluation methods proposed by Seed et al. (2003) and 
Boulanger & Idriss (2006). Figure 2.7(a) represents recommendations regarding 
liquefaction of soils with significant fines content while Figure 2.7(b) illustrates the 
transition from sand-like to clay-like behaviour for fine-grained soils with increas-
ing plasticity index, PI.  

 
Figure 2.7 Assessment of liquefaction potential using index test results 
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Table 2.3 Liquefaction potential assessment criteria  
Assessment 
method 

Composition and index test results [%] 

Potentially 
liquefiable, if 

Testing required 
for decision, if 

Non- 
liquefiable, if 

Reference  

Chinese Criteria  FC ≤ 15 
LL ≤ 35 

- FC > 15 
LL > 35 

Marto & Tan 
(2012) 

Modified Chinese  
Criteria 

Clay < 10 & 
LL < 32 

Clay > 10 & 
LL < 32 
or 
Clay < 10 & 
LL ≥ 32 

Clay > 10 & 
LL > 32 

Marto & Tan 
(2012) 

Seed et al (2003) PI < 12 & 
LL < 37 

12 < PI< 20 & 
37<LL<47 

PI > 20 & 
LL > 47 

Seed et al. 
(2003) 

Boulanger & Idriss 
(2006) 

PI < 3 3 ≤ PI ≤ 6 PI ≥ 7 Boulanger & 
Idriss (2006) 

 
2.6.4 Effect of initial states  
2.6.4.1 Initial state parameters 
It is well recognized that the tendency of a particular soil to generate excess pore 
pressure is strongly influenced by initial states (e.g., density, stress). Thus, the 
initial soil state variables are valuable for the evaluation of liquefaction potential. 
 

2.6.4.2 The concept of critical state (CS)  
Casagrande performed drained monotonic tests on initially loose and dense sand 
specimens at the same effective confining stress and obtained similar density 
when sheared to large strain (Kramer 1996; Jefferies & Been 2006). Loose spec-
imens contracted while dense specimens first contracted, but then very quickly 
began to dilate during shearing. At large strains, all specimens approached the 
same density (corresponding to a critical void ratio, ec in Figure 2.8 (b)) and con-
tinued to shear with constant shearing resistance (Figure 2.8 (a)). Moreover, it 
was found that the critical void ratio, CVR was uniquely related to the effective 
confining pressure using the critical void ratio CVR line shown in Figure 2.8(c). By 
defining the state of the soil in terms of void ratio and effective confining pressure, 
the CVR line delineates loose (contractive) and dense (dilative) states (Kramer 
1996). Later, the name critical state (CS) was derived from anchoring the theory 
to Casagrande’s critical void ratio and it is considered the ultimate state a soil 
reaches when it continues to deform at constant stress and void ratio (Jefferies & 
Been 2006). 
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Figure 2.8 Sand behaviour in drained monotonic loading after (Kramer 1996)  
 

Furthermore, in strain-controlled undrained monotonic tests, it was observed that 
a positive excess pore pressure in response to contraction of loose specimens 
and a negative excess pore pressure in response to dilation of dense specimens 
(Figure 2.9 (a), (b)) developed until the CVR line is reached (Casagrande 1975). 
The CVR line, therefore, describes the state toward which any specimen would 
move at large strains, whether by volume changes in drained conditions, changes 
in effective confining pressure in undrained conditions, or some combination un-
der partially drained conditions (Kramer 1996). Also, it is considered to mark the 
boundary whether a particular soil is susceptible to static liquefaction or not as 
shown in Figure 2.9 (c). 

 
Figure 2.9 CVR line as criteria for liquefaction potential after  (Kramer 1996) 
 

2.6.4.3 Concept of steady state (SS) 
The steady state, SS is an extension of Casagrande‘s concept of critical void ratio 
to characterize the flow behaviour (Jefferies & Been 2006). The current under-
standing of the SS concept is drawn mostly from the works of Castro (1969) who 
performed static and cyclic triaxial tests on isotropically and anisotropically con-
solidated specimens. The SS deformation is achieved after all particle orienta-
tions have reached a static equilibrium condition and after all particle breakage, if 
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any, is complete. At the SS, the shear stress required to continue deformation 
and the velocity of deformation remain constant (Castro & Poulos 1977; Kramer 
1996; Rahman & Lo 2014). Also, during the SS deformation, similar to the CS 
conditions, the original structure of the specimen is destroyed and remoulded into 
a new structure. Hence, the difference between steady state, SS and critical state, 
CS theories are subtle and the terms are used interchangeably in current literature 
without significant emphasis on the differences (Castro & Poulos 1977; Yama-
muro & Lade 1998; Jefferies & Been 2006). Hence, in this thesis, the SS and CS 
theories are considered equivalent. 

The concept of SS can also be used to evaluate the liquefaction of soils. Soils 
whose initial state is located below the steady state, SS line are not susceptible 
to flow liquefaction while soils whose state lies above the SS line will be suscep-
tible to flow liquefaction if the static shear stress exceeds its SS strength. Besides, 
the concept of SS shows the limited applicability of absolute measures of density 
(e.g. void ratio and relative density) for characterizing a potentially liquefiable soil. 
A soil element with a particular void ratio (hence a particular density and relative 
density) can be susceptible to flow liquefaction at a high effective confining pres-
sure but non-susceptible at a low effective confining pressure (Figure 2.10 (b)). 
 

2.6.4.4 State parameter 
Many state variables represent the concurrent effect of stress state and density 
state on a tested sample with the most frequently applied being the state param-
eter (Jefferies & Been 2006). The state parameter  is defined as the difference 
between the current void ratio, e0 and the void ratio at the same mean effective 
stress on the steady state, SS line, ess, (see Eq. 2.12 and Figure 2.10 (a)). 

= e0 – ess Eq. 2.12 

Using the state parameter, , soils that have an initial state above the SS line 
(initially loose with  > 0) show contractive behaviour and may be susceptible to 
flow liquefaction while soils with the initial state below the SS line (initially dense 
with  < 0) show a dilative response and are not susceptible to flow liquefaction.  
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Figure 2.10 SS line as criteria for liquefaction potential after (Kramer 1996)  
 

2.7 Undrained behaviour of sands under monotonic loading 
2.7.1 Background  
The undrained response of sands under monotonic loading largely controls 
strength, even when the loading is cyclic. If there is sufficient residual strength, 
then cyclic loading often exhibits fatigue-like strains that are less harmful (Jeffer-
ies & Been 2006). 

Several recent studies (e.g. Rahman (2009), Lade & Yamamuro (2011), Belkhatir 
et al. (2011b), Belkhatir et al. (2011c), Rahman & Lo (2014)) investigated the pa-
rameters affecting sand behaviour during undrained monotonic loading. Such re-
search was helpful in better understanding the undrained behaviour, predicting 
the undrained strength, and evaluating the liquefaction potential. 

Figure 2.11 shows schematically the undrained behaviour of monotonically 
loaded clean sands using deviatoric stress, q, principal effective mean stress, p’, 
axial strain, Ɛa, and pore pressure change, Δu. It illustrates three types of effective 
stress paths, stress-strain behaviour, and pore water pressure accumulations for 
(1) non-flow type (non-liquefaction), (2) limited flow type (limited liquefaction), and 
(3) flow type (liquefaction). 

 

2.7.2 Flow behaviour 
Flow type behaviour occurs in very loose and loose sands wherein soil possesses 
a temporary peak shear strength beyond which soil loses all or a remarkable por-
tion of its shear strength. Moreover, the soil shows a continuous accumulation of 
pore pressure accompanied by a decrease in mean effective stress (curve 3 in 
Figure 2.11). The stress path gradually approaches the SS line as in Figure 2.11 
(c) after passing a peak undrained shear strength, qpeak at a small shear strain 
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(Figure 2.11(a)). The pore pressure continuously evolves to its maximum value 
and results in a decrease of the mean effective stress without any tendency for 
dilation (Figure 2.11 (b) & (c)). Hence, loose samples show strain softening (con-
tractive behaviour) revealed by a decrease of deviatoric stress under continued 
shearing which is termed static flow liquefaction. This is also called ‘flow defor-
mation’, ‘unstable state’, or ‘instability state’ by various researchers (Yamamuro 
& Lade 1998; Rahemi 2017). The line connecting the peak deviatoric stresses in 
a p’-q plot is referred to as the instability IS line or flow liquefaction surface, FLS 
(see Figure 2.11(c)). 
 

2.7.3 Limited flow behaviour 
Limited flow behaviour (also known as limited flow liquefaction) is mainly observed 
in medium dense sand for which the soil reaches a transient peak shear strength 
followed by loss of shear strength (Idriss & Boulanger 2008). However, the de-
crease in shear strength is terminated at a quasi-steady state, QSS beyond which 
soil begins to dilate and regain shear strength up to the SS strength. Curve 2 in 
Figure 2.11 shows a typical behaviour for medium-dense sand where the sample 
initially shows strain-softening behaviour until the QSS, which then changes to a 
dilative behaviour at intermediate strains. Initially, there is a temporary drop of 
shear stress followed by strain hardening until the steady state is reached Figure 
2.11(a, c). The point where this reversal from contractive to dilative or softening 
to hardening behaviour occurs is called the phase transformation, PT point as 
defined by (Ishihara et al. 1975). Other researchers such as (Lade & Yamamuro 
2011; Chu & Leong 2002) consider this as an unstable behaviour and investigated 
the strain-softening behaviour in terms of instability. 
 

2.7.4 Non-flow behaviour 
In non-flow type behaviour (also called non-liquefaction), the shear strength in-
creases steadily toward the SS at large strains. This is typical behaviour of dense 
sands. When a soil sample at a dense state is subjected to monotonic loading, 
the soil initially shows contractive behaviour at small strains resulting in the gen-
eration of small excess pore pressure. At larger strains, the behaviour changes 
from contractive to dilative with the pore pressure starting to decrease. This, in 
turn, leads to increasing mean effective stress during which the specimen shows 
strain hardening (also known as stable behaviour) (curve 1 in Figure 2.11).  
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Figure 2.11 Undrained response of sands to monotonic loading (schematic)  
 

2.7.5 Summary of the response under undrained monotonic loading  
Both flow and limited flow types show contractive behaviour and liquefaction is 
triggered. In the flow type behaviour (static liquefaction), the deviator stress, after 
reaching an initial peak at low strains, reduces with further shearing until a mini-
mum value is attained at the SS. This is also known as instability or unstable 
behaviour (Mital et al. 2017) (Figure 2.11(d)). For limited flow (limited liquefaction) 
behaviour, the deviator stress, after attaining an initial peak value at small strains, 
also reduces with increased shearing but to a transient minimum value referred 
to as the quasi-static state (QSS). Further shearing beyond the QSS yields a 
gradual strain hardening to the SS line. In the case of non-flow behaviour, strain 
hardening occurs throughout the shearing with little contractive behaviour at small 
strains. A dense specimen of dilative behaviour often approaches but does not 
reach the SS at the end of a test (Dash & Sitharam 2011; Lashkari et al. 2017). 
Both the limited flow (after QSS) and non-flow behaviour show stability or stable 
behaviour (Figure 2.11(d)). All stress paths in Figure 2.11 ultimately reach the SS 
line as a unique locus of the steady state in the p-q diagram. 
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2.8 Undrained behaviour of sands under cyclic loading 
2.8.1 Background  
The response of granular soils to cyclic loading is governed by nonlinear stress-
strain behaviour. Saturated granular soils under undrained conditions loaded with 
sufficient cyclic amplitudes show an increase in the pore pressure which subse-
quently reduces the effective mean stresses and the shearing resistance. To un-
derstand the response of soils under cyclic loading, it is necessary to account for 
its changing behaviour in the direction of cyclic deformation and its inelastic be-
haviour. Drained cyclic loading of sands results in progressive densification while 
it is associated with pore pressure changes during undrained cyclic loading (Nie 
et al. 2016). Under undrained conditions, the sand matrix tends to contract with 
cyclic loading. The resulting rearrangement of sand particles transfers normal 
stresses from the sand matrix to the pore water pressure with the total stress 
remaining constant while effective stresses decrease and pore water pressure 
increases (Idriss & Boulanger 2008).  

Wichtmann (2016) presented extensive experimental findings on sand behaviour 
under cyclic loading considering different factors (e.g. density, stress, amplitude, 
fabric, particle size, and shape). He carried out a series of cyclic triaxial tests on 
Karlsruhe fine sand with the purpose of development, calibration and verification 
of constitutive models under undrained cyclic loading. Figure 2.12 shows the ef-
fective stress paths and the stress-strain relations for loose, medium dense, and 
dense sand as a result of cyclic loading presented by Wichtmann (2016).  

Figure 2.12 (a) & (b) show the response of loose specimens (Dr = 27 %) isotropi-
cally consolidated to effective mean stress of p’0 = 200 kPa and cyclically loaded 
with a stress amplitude of qampl = 30 kPa. The effective mean stress p’ = 0 state 
accompanied by large axial strains (|εa| = 10 %) is reached at the end of the test-
ing. This is similar to the cyclic flow behaviour described in next section 2.8.2.  

Figure 2.12 (c) & (d) shows the responses of a medium dense sample (Dr = 67 % 
& qampl = 60 kPa). As can be seen in Figure 2.12 (c), when the effective stress 
path approaches p’ = 0, it starts to follow a butterfly-shaped loop and the axial 
strain amplitude increases with each subsequent cycle. After p’ = 0 is reached for 
the first time (defined as initial liquefaction state in section 2.6.2.13), large axial 
strains can be achieved without failure (|εa| < 10 %), and the stress-strain hyste-
resis grows with the increasing number of cycles, a behaviour which is referred to 
as cyclic mobility (see section 2.8.3).  
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The response of dense samples (Dr = 87% & qampl = 60 kPa) is shown in Figure 
2.12 (e) & (f). Butterfly-shaped effective stress loops and temporary liquefaction 
(p’ = 0) are observed. However, the increase in the axial strain amplitude with the 
number of cycles after the initial liquefaction state takes place at a significantly 
lower rate than for the medium dense sample so that much more cycles can be 
applied in the cyclic mobility phase until a certain failure criterion (|εa| = 4.5 % for 
dense sand) has been reached.  

 
Figure 2.12 Undrained cyclic test responses of sand after Wichtmann (2016) 
 

Loose specimens (p’0 = 200 kPa, Dr = 27 % & qampl = 30 
kPa) 

Medium dense specimens (p’0 = 200 kPa, Dr = 67 % & qampl = 
60 kPa) 

Dense specimens (p’0 = 200 kPa, Dr = 87 % & qampl = 60 kPa)
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In general, based on the initial state of the soil, two types of cyclic behaviour can 
be observed: (I) cyclic flow (also known as cyclic liquefaction, cyclic instability) 
and (II) cyclic mobility. 

 

2.8.2 Cyclic flow 
Similar to the flow type liquefaction due to monotonic loading described in section 
2.7.2, cyclic loading can cause the evolution of cyclic flow type behaviour that 
involves abrupt excess deformation in conjunction with rapid pore water pressure 
generation in loose saturated sand. During the cyclic flow liquefaction, the sand 
loses its strength significantly within a few loading cycles and the decrease in 
strength persists even after the cyclic loading is completed (Yamamuro & Covert 
2001). The cyclic flow liquefaction is connected with the contractive behaviour of 
loose sands and it is characterized by the sudden and rapid development of strain 
without significant pre-failure strain accumulation (Kramer 1996; Castro & Poulos 
1977; Li & Ming 2000; Unutmaz 2008). Cyclic flow liquefaction is illustrated in 
Figure 2.13 (a, b). Figure 2.13 (a) shows the variation of stress state during cyclic 
loading while Figure 2.13 (b) demonstrates stiffness degradation. It is to be noted 
that a zero effective stress state may develop (i.e., no shear strength state) and 
the strains may reach higher values during cyclic loading. This state is known as 
the complete flow liquefaction state. 
 

2.8.3 Cyclic mobility 
Cyclic mobility is a result of gradually reducing effective mean stress and it is 
associated with contractive as well as dilative responses of sandy soils at low 
confining stresses (Li & Ming 2000). It describes the behaviour where the speci-
men undergoes a transient liquefied state upon the reversal of cyclic loading. Cas-
tro & Poulos (1977) defined cyclic mobility as the progressive softening of a sat-
urated sand specimen when subjected to cyclic loading at a constant void ratio 
followed by pore pressure accumulation and incremental cyclic deformation with-
out loss in shear strength and without excessive deformation. It is the result of 
simultaneous degradation of shear strength and stiffness due to the cyclic load-
ing. Figure 2.13 (c) and Figure 2.13 (d) show the stress path and the stress-strain 
behaviour during cyclic loading, respectively, for a soil sample exhibiting cyclic 
mobility. The figures imply that during cyclic mobility, neither zero effective stress 
state nor excessive strain is developed.  
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Figure 2.13 Undrained cyclic test responses of sand after Mital et al. (2017) 
 

2.8.4 Evaluation of cyclic behaviour and liquefaction  
2.8.4.1 Overview  
Cyclic loading may be relatively uniform consisting of a single frequency (e.g., a 
vibrating machine), or random and contain a range of frequencies (e.g. earth-
quake). In the field, the stresses and pore pressures are rarely measured. Thus, 
it is difficult to distinguish between flow liquefaction and cyclic mobility phenom-
ena after an earthquake has occurred. Hence, in early studies, little distinction 
was made between the flow liquefaction and cyclic mobility and both cases were 
lumped together under the general topic of “liquefaction” (Kramer 1996). How-
ever, with the continuous availability of experimental results, the cyclic behaviour 
of soils, differentiating flow liquefaction and cyclic mobility, is studied by element 
tests, model tests in different scales etc. basically through pore pressure accu-
mulation and stress-strain measurement records (Wichtmann 2016). 

Although applying complex waveforms to soil specimens in the laboratory re-
quires sophisticated testing systems (which are available), cyclic loading is fre-
quently approximated by uniform sinusoidal, square, or triangular waveforms of a 
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single frequency. The cyclic behaviour is usually studied using three kinds of cy-
clic loads: (1) one-way (Figure 2.14(a)); (2) two-way symmetrical (Figure 2.14(b)) 
or (3) two-way non-symmetrical (Figure 2.14(c)). In one-way loading, 

. For two-way symmetrical loading, Am1 = Am2 or | max - mean| = 
| min - mean| while for non-symmetrical loading, Am1  Am2 or | max - mean|  | min -

mean|. However, it is to be noted that the peak-to-peak stress amplitude, qcyc, 
remains constant and uniform in all the cases following the definition in section 
2.6.2.10 and Eq. 2.5. 

 
Figure 2.14 One-way and two-way cyclic loading (schematic) 
 

2.8.4.2 Model tests 
Model tests use a small-scale physical model of a full-scale structure and aim to 
simulate the boundary conditions of a geotechnical problem. Many studies were 
conducted using 1g tests and centrifuge tests to study the liquefaction-induced 
deformations and damages. Although model tests can provide information about 
the mechanism of liquefaction, they cannot evaluate the liquefaction potential of 
specified sites (Towhata 2008). 

Because soil behaviour is highly stress-dependent, small-scale 1g models do not 
capture well the field conditions. Centrifuge tests that utilize a high acceleration 
field preserve the stress-strain response of the prototype soil and can give a more 
realistic representation of in-situ behaviour. Such models, when subjected to a 
controlled base acceleration, can provide a database for the validation of numer-
ical approaches (Byrne et al. 2004).  
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2.8.4.3 Element tests 
Different types of undrained element tests are used to evaluate the cyclic behav-
iour and liquefaction resistance of soils. They are classified into two categories 
considering the shear strain levels they can measure accurately: (i) low-strain el-
ement tests (e.g. resonant column and bender element tests); (ii) high-strain ele-
ment tests (e.g. cyclic simple shear test, cyclic triaxial test, cyclic torsional shear 
test, true triaxial test) (Towhata 2008; Wichtmann & Triantafyllidis 2012). 

Preparations of cubical specimens for testing in the true triaxial apparatus or 
sometimes in the simple shear apparatus do not suit the use of undisturbed soils 
collected by in-situ samplers. Similarly, undisturbed soil samples collected by con-
ventional in-situ samplers are not suitable for the hollow cylindrical apparatus. 
Consequently, cyclic triaxial testing on undisturbed soil samples or reconstituted 
samples is widely practised (Towhata 2008). On the other hand, sample prepara-
tion methods affect the liquefaction resistance measurement in the laboratory. 
Laboratory element tests usually assume uniform stress and strain states within 
a sample, and it requires much effort and expertise to achieve the uniform density 
and packing of the particles. Another important issue in sample preparation is the 
extent of water saturation. Thus, several methods of sample preparations have 
been proposed and they have resulted in different liquefaction resistances (Sze 
& Yang 2014). 

2.9 Behaviour of sand-fine mixtures 
2.9.1 Effect of fine content and plasticity 
While numerous experimental studies have been carried out on clean sands to 
study the undrained response and liquefaction state, limited systematic studies 
for the same objectives on sand-fine mixtures can be found in recent research. 
However, a review of the literature indicates conflicting evidence regarding the 
effect of fines on liquefaction resistance or cyclic strength. The fines within the 
soil structure may either increase or decrease the liquefaction resistance of sandy 
soils depending on the state variables chosen for comparison (Polito & Martin 
2001; Monkul 2010; Rupam & Malaya 2014; Wei & Yang 2019). 

Yang et al. (2006) studied the behaviour of sand-silt mixtures by means of drained 
and undrained triaxial compression tests. Belkhatir et al. (2010a), Belkhatir et al. 
(2010b), Belkhatir et al. (2011a), Belkhatir et al. (2011b) studied the effects of 
fines content, granular void ratio, and other parameters using undrained mono-
tonic and cyclic triaxial compression tests on reconstituted saturated samples of 
Chlef sand with silt content ranging from 0% to 50%. Dash & Sitharam (2011) 
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correlated the monotonic strength and the cyclic strength of sand-silt mixtures for 
a wide range of affecting parameters. Rahman & Lo (2014) have investigated the 
behaviour of sand-fine mixtures under undrained monotonic loading. 

Yamamuro & Lade (1998) conducted undrained monotonic triaxial compression 
tests on Nevada sand with 7% fines content at an initial relative density of Dr = 
30% with confining pressures ranging from 25 kPa to 6,000 kPa. The specimens 
were sheared to large strains until steady state and without further pore pressure 
changes. The silty sand showed the so-called “reverse” behaviour for the tests 
performed at low confining pressures, i.e. the silty sand becomes more stable with 
an increase in the initial confining pressure. Yamamuro & Lade (1998) described 
this response as the “reverse” sand behaviour explaining that sands normally ex-
hibit the opposite trend of increasing instability with increasing confining pressure 
(Yamamuro & Lade 1998). 

Thevanayagam et al. (2000) conducted stress-controlled undrained cyclic triaxial 
tests on sand-silt mixtures with different proportions of sand and silt. Amini & Qi 
(2000) compared the behaviour of stratified and homogeneous silty sands con-
sidering seismic loading conditions for various silt contents and confining pres-
sures using stress-controlled undrained cyclic triaxial tests. Polito & Martin (2001) 
carried out parametric studies on the effects of non-plastic fines on the liquefac-
tion potential of sands using stress-controlled cyclic triaxial tests. Xenaki & Atha-
nasopoulos (2003) studied the liquefaction resistance of a saturated fine to me-
dium sand mixed with varying amounts of non-plastic fines using stress-controlled 
cyclic triaxial tests. Hyde et al. (2006) studied liquefaction and cyclic failure of low-
plasticity silt using strain-controlled monotonic tests under isotropic and aniso-
tropic stress conditions. Dash & Sitharam (2009) carried out comprehensive 
stress-controlled cyclic triaxial tests in an attempt to study the effect of non-plastic 
fines on undrained cyclic pore pressure response of sand–silt mixtures. Belkhatir 
et al. (2010a), Belkhatir et al. (2010b), and Belkhatir et al. (2011b) studied the 
effects of fines content on the liquefaction resistance of sand-silt mixtures using 
monotonic and cyclic triaxial tests. Baziar et al. (2011) performed a series of un-
drained cyclic hollow torsional tests to study pore water pressure generation, post-
liquefaction dissipation, and densification behaviour of silty sands and sandy silts. 
Baki et al. (2015) performed a series of two-way symmetrical cyclic triaxial tests 
to investigate the generation of excess pore water pressure  of Sydney sand with 
fine contents up to 15%. Wei & Yang (2019) presented a comprehensive experi-
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mental study within the framework of critical state for a range of densities, confin-
ing pressures, and silt contents. A correlation was established between the cyclic 
resistance and the state parameter that jointly account for the effects of density 
and confining pressure. 

The state variables used for comparison in many studies include gross void ratio 
e.g. Xenaki & Athanasopoulos (2003), Dash & Sitharam (2009), relative density 
e.g. Chien et al. (2002), Carraro et al. (2003), skeleton void ratio e.g. Carraro et 
al. (2003), Dash & Sitharam (2009)  and equivalent intergranular void ratio e.g. 
Thevanayagam et al. (2000). Using the relative density criteria for sand-fine mix-
tures, controversial conclusions were reported. For the same relative density, 
Amini & Qi (2000) reported the cyclic resistance increases, Chien et al. (2002) 
reported a decrease while Polito & Martin (2001), Carraro et al. (2003), and Dash 
& Sitharam (2011) revealed that liquefaction susceptibility increases with an in-
crease in fines content up to a limiting fines content (LFC) and then decreases 
with increasing fines content beyond the LFC value. 

Typical monotonic peak strength and cyclic strength of specimens under different 
void ratios are plotted in Figure 2.15 as a function of silt content from the works 
of Dash & Sitharam (2011). It clearly shows the silt content affects the monotonic 
and cyclic resistances. The results also clarify the contradicting effects of fines 
content in the literature, and it supports the concept that the undrained monotonic 
and cyclic strengths decrease with an increase in fines content up to a limiting 
fines content (LFC) and then increase with increasing fines content beyond the 
LFC value. So far, several researchers indicate the LFC fall between 30% to 40% 
of silt content (Yang et al. 2015; Wei & Yang 2019), between 25% to 45% of silt 
content (Polito & Martin 2001) while Dash & Sitharam (2011) found a lower value 
of LFC = 21% as shown in Figure 2.15. 

Moreover, research results regarding the effect of plasticity of the fines for evalu-
ating the liquefaction resistance also appear to be inconsistent. Park & Kim (2013) 
studied the liquefaction resistance of sands containing 10% fines with different 
plasticity and found that when the soil state was loose, the liquefaction resistance 
was marginally affected by the plasticity of fines while for medium and dense 
specimens, the liquefaction resistance decreased as the plasticity of fines in-
creased. In their study on the effect of both plastic and non-plastic fines on lique-
faction resistance of fine sand and silty sand, Meraj et al. (2016) indicated that 
the presence of plastic fines tends to increase the liquefaction resistance. Marto 
& Tan (2012) indicated the concept of limiting fines content can be used for both 
sand-non-plastic-fines mixtures and sand-plastic-fines mixtures. 
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Figure 2.15 Effects of fines content on strength after Dash & Sitharam (2011) 
 

2.9.2 Effects of void ratio and relative density 
For a given soil, the initial void ratio, e0 and relative density, Dr, respectively, are 
important factors controlling liquefaction. Previous studies indicated that liquefac-
tion occurs mainly in saturated clean sands and silty sands in a loose to medium 
dense state with a relative density of less than 50% (Rupam & Malaya 2014). For 
dense sands, however, their tendency to dilate during shearing will generate neg-
ative pore pressures and increase their resistance to shear stress. Hence, denser 
soils with high relative density have a lower tendency toward volume contraction 
during shearing with a lower pore pressure generation and are, therefore, unlikely 
to liquefy.  

Dash & Sitharam (2011) carried out stress-controlled cyclic and strain-controlled 
monotonic triaxial tests on sand-silt mixture specimens with varying silt content 
adopting different pore volume measurement approaches for sand-silt mixtures 
such as constant gross void ratio, relative density, sand skeleton void ratio, etc. 
Also, the effect of relative density and confining pressure on shear strength were 
studied. They concluded that the limiting fines content, LFC and the relative den-
sity of a specimen determine the cyclic and monotonic resistance of sand-silt mix-
tures when studied by any of the pore volume measurement approaches. 
Belkhatir et al. (2011c) also studied the effects of relative density on liquefaction 
resistance of sand-silt mixtures using the intergranular void ratio and other pa-
rameters. The cyclic test results showed that the increase of the intergranular void 
ratio, es and the fines content hasten the liquefaction phenomenon. Figure 2.16 
shows the liquefaction resistance decreases with the increase of both the inter-
granular void ratio, es and loading amplitude, CSR and with the decrease of the 
relative density, Dr. 
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Figure 2.16 Effect of Dr on cyclic resistance after Belkhatir et al. (2011c) 
 

2.9.3 Effect of initial stress 
Laboratory tests indicate that for a given initial soil state (relative density and 
stress history), there is a non-linear correlation between liquefaction resistance 
and confining stress (Hynes & Olsen 1999). Dash & Sitharam (2011) carried out 
undrained cyclic and monotonic triaxial tests on specimens with 10% silt content 
to evaluate the effect of initial effective mean stress. The results obtained reveal 
that both the cyclic strength and the monotonic strength increase with the increase 
of initial effective mean stress on the specimens. 

Stamatopoulos (2010) studied the effects of density, consolidation stress, and 
non-plastic fines on the liquefaction strength of silty sands using monotonic and 
cyclic triaxial tests by varying fines content (0 % to 25 %). They found that the 
analysis in terms of the state parameter showed that: (i) as the consolidation 
stress increases, the cyclic strength decreases and this effect is more pronounced 
as the specimens become denser, especially as the fines content increases and 
(ii) the cyclic strength decreases as the fines content increases and this effect is 
more pronounced as the specimens become denser. 

 

2.10 Effect of cyclic loading characteristics 
During cyclic loading, soils are subjected to cyclic shear stresses of different am-
plitudes and frequencies that will induce transient and permanent deformations. 
In addition, the change in the dynamic properties of the soil layers during cyclic 
loading may have a significant impact on the structures built on them. Therefore, 
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it is necessary to consider the changes in dynamic characteristics of soil layers to 
mitigate the vulnerability. 

For instance, proper design of earthquake-resistant structures requires estimation 
of the level of ground shaking to which they will be subjected. The level of ground 
shaking depends on the characteristics of the source, the path, and the site as 
illustrated in Figure 2.17.  

 
Figure 2.17 Seismic load characterization modified after Kramer (1996) 
 

Characteristics of the local soil can greatly influence the nature of shaking at the 
ground surface as they tend to act as ‘filters’ to seismic waves by attenuating 
motion at certain frequencies and amplifying it at others (Kramer 1996). The local 
site conditions that affect the shaking level include the soil stratification and soil 
properties, the geological situation, the ground water table, and the depth of the 
bedrock. Hence, evaluation of the effects of local soil conditions requires assess-
ment of the soil behaviour under such seismic loadings. 

It is well established that the main mechanism associated with the phenomenon 
of liquefaction is the generation of excess pore pressure under undrained seismic 
loading conditions or associated volume changes under drained conditions 
(Agaiby 1995; Xenaki & Athanasopoulos 2003; Dash & Sitharam 2009; Baki et al. 
2015; Dash & Sitharam 2016). The response and behaviour of soils during cyclic 
loading also depend not only on the initial soil conditions (e.g. relative density, 
fabric, effective mean pressure, etc.) but also on the characteristics of the cyclic 
loading (Wichtmann & Triantafyllidis 2016; Dash & Sitharam 2016). The loading 
characteristics in turn are related to the intensity, frequency, and duration of the 
shaking. Kramer (1996) explained that high magnitude earthquakes enforce the 
soil to liquefy or, although the magnitude is not high enough but the duration of 
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the earthquake prevailing is long, it will also cause the soil to liquefy. The fre-
quency of cyclic loading is one of the factors which affects both liquefaction and 
dynamic properties of saturated sands (Dash & Sitharam 2016). 

The effect of the loading frequency on cyclic strength in the sand has been studied 
by several researchers (e.g. Mohanty & Patra 2014; Dash & Sitharam 2016; 
Wichtmann & Triantafyllidis 2016; Wichtmann 2016; Rahemi 2017). Wichtmann 
et al. (2005) studied the effect of the loading frequency by varying the frequency 
(0.05 Hz to 2.00 Hz) under constant average stress and concluded the frequency 
of loading has almost no effect on the strain amplitudes and the direction of ac-
cumulation. Mohanty & Patra (2014) showed liquefaction resistance increases 
with a decrease in the frequency of loading and the cyclic shear strain amplitudes. 
Dash & Sitharam (2016) studied the effect of frequency on cyclic liquefaction and 
dynamic properties of Ahmedabad sand by cyclic triaxial test at constant consol-
idation stress and constant cyclic loading under undrained conditions. Varying the 
frequency of cyclic loading from 0.1 Hz to 0.5 Hz, it was observed that the rate of 
generation of excess pore water pressure increases with an increase in the fre-
quency of cyclic loading. As a result, the cyclic liquefaction resistance decreases 
with an increase in the loading frequency. Based on cyclic triaxial tests results on 
Monterey No. 0/30 sand with two different frequencies of 0.5 Hz and 1.0 Hz, 
Rahemi (2017) reported that small changes in the frequency of loading do not 
have any measurable effect on the cyclic strength (Figure 2.18 (a)). Wichtmann 
(2016) studied the effect of loading frequency using cyclic tests on medium dense 
samples with different displacement rates (0.05 mm/min to 0.20 mm/min) under 
isotropic stress conditions. The responses showed the number of cycles required 
to initial liquefaction were independent of the loading rate (Figure 2.18(b)).  
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Figure 2.18 Effect of frequency of loading on initial liquefaction of sand 
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2.11 Initiation of liquefaction  
2.11.1 General overview  
In section 2.6, the susceptibility of a soil deposit to liquefaction has been dis-
cussed. However, a soil deposit susceptible to liquefaction does not necessarily 
show liquefaction for a given loading condition. For liquefaction to occur, a dis-
turbance that is strong enough to trigger it is essential. Evaluation of the nature of 
that disturbance is one of the most critical parts of a liquefaction assessment. 

2.11.2 Initiation of static liquefaction 
Static liquefaction is caused by the collapse of a metastable arrangement of soil 
particles that results in substantial strength reduction from peak to residual (Jef-
feries & Been 2006). The transition from a stable state behaviour to a sudden 
strength loss of loose sands during undrained tests is explained with a variety of 
approaches. The collapse surface was defined by Sladen et al. (1985) connecting 
the SS point with the peak points of the undrained effective stress paths. “Col-
lapse” was associated with a sudden rearrangement of the metastable arrange-
ment of soil particles in liquefiable soil (Jefferies & Been 2006). Other researchers 
such as Yamamuro & Covert (2001), Chu & Leong (2002), Rahman (2009) used 
the instability (IS) line to bound the transition to instability state. Instability refers 
to a behaviour in which large plastic strains are generated rapidly owing to the 
inability of a soil element to sustain a given load beyond the peak of the stress 
path (Chu & Leong 2002; Mital et al. 2017). A form of the IS line known as flow 
liquefaction surface, FLS truncated at the SS was also used by some researchers 
such as Kramer (1996), Jefferies & Been (2006), Rahman (2009) to describe the 
state of instability. The IS line and FLS are schematically drawn in Figure 2.19  
and show there is an initiation of instability at the peak strength. In this thesis, IS 
line and FLS are assumed equivalent to define the instability state or static lique-
faction. In both IS line and FLS, the initial soil state that lies in the zone of insta-
bility marks the initiation of static liquefaction.  

Static liquefaction is initiated when the soil state reaches the IS line and the shear 
stress exceeds the (quasi) steady state, SS shear strength. The SS is assumed 
at the flat post-peak minimum value of the deviator stress at which the stress ratio, 
q/p’ has reached a constant value. The slope of the instability line remains con-
stant for the same initial void ratio but it changes for a different void ratio. Monkul 
(2010) showed that only minimal excess pore pressure is required to trigger in-
stability if the soil state already is on the instability line. 
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Figure 2.19 Initiation of static liquefaction in sand after (Jefferies & Been 2006) 
 

2.11.3 Initiation of cyclic liquefaction 
2.11.3.1 Pore water pressure ratio (ru) 
The initiation of liquefaction due to cyclic loading can be described by means of 
the excess pore pressure that accumulates during the loading by applying the 
pore water pressure ratio, ru ( Eq. 2.10, or Eq. 2.11). In cyclic triaxial tests, the 
minor principal total stress, σ3 remains constant. Thus, the maximum value ru = 
100% occurs when Δu = . In cyclic simple shear tests, the maximum value ru = 
100% occurs when the total vertical stress is constant and when Δu = . 

In both cases, ru = 100% is often called the initial liquefaction state as proposed 
by Seed & Lee (1966) and it marks the initiation of liquefaction for the first time. 
In some cases, ru > 100% can develop if the total mean stress increases (e.g. in 
general field loading conditions, centrifuge models, or numerical models) (Idriss 
& Boulanger 2008). In such cases (ru > 100%), it is more useful to focus directly 
on the effective stresses rather than on ru values.   

In the scope of this thesis, the initial liquefaction state proposed by Seed & Lee 
(1966) is used as a failure due to liquefaction criterion and is applied to evaluate 
the initiation of cyclic liquefaction. This criterion defines the state of liquefaction 
as shown in Figure 2.20 (a). The number of cycles required to induce ru = 100% 
is designated by Ncl while the total number of cycles in the test is Nc. 

According to Kramer (1996), the effective stress conditions at the initiation of flow 
liquefaction can also be described in stress path space by the flow liquefaction 
surface, FLS as shown in Figure 2.20(b, c). If the stress conditions of a soil ele-
ment reach the FLS under undrained conditions, whether by monotonic or cyclic 
loading, flow liquefaction will be triggered, and the shearing resistance will be re-
duced to the steady state strength. Therefore, the FLS describes the conditions 
at which flow liquefaction is initiated (Kramer 1996).  
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The response of triaxial specimens initially consolidated to the same void ratio at 
different effective confining pressures will all reach the same effective stress con-
ditions at the steady state but with different stress paths for monotonic and cyclic 
loading (Jefferies & Been 2006). The generation of excess pore pressure is the 
key to the initiation of liquefaction without which neither cyclic flow liquefaction nor 
cyclic mobility can occur. However, cyclic flow liquefaction and cyclic mobility re-
quire different pore water pressure ratios and can be explained with the FLS. 

 
Figure 2.20      Initiation of cyclic liquefaction after (Kramer 1996) 
 

2.11.3.2 Flow type liquefaction 
Flow liquefaction can be initiated by monotonic and cyclic loading only when the 
shear stress required for static equilibrium is greater than the steady state 
strength. Therefore, initial states that are located in the shaded region of Figure 
2.20 (b) are susceptible to flow liquefaction if an undrained loading brings the 
effective stress path from the initial conditions to the FLS. The FLS is truncated 
at the SS point level since flow type liquefaction cannot occur if the stress path is 
below the SS point (Kramer 1996) (see Figure 2.20 (b)). 

2.11.3.3 Cyclic Mobility 
Although flow liquefaction cannot occur, cyclic mobility can develop when the 
static shear stress is smaller than the steady state shear strength. Therefore, ini-
tial states that plot in the shaded region of Figure 2.20 (c) are susceptible to cyclic 
mobility. Note that cyclic mobility can occur in both loose and dense soils. Hence, 
the shaded region of Figure 2.20 (c) extends from very low to very high effective 
confining pressures and corresponds to states that are located above as well as 
below the SS. 

Using responses from cyclic triaxial tests, Kramer (1996) found that cyclic mobility 
can be initiated by three possible combinations of initial and cyclic loading condi-
tions as shown in Figure 2.21 and summarized below.     
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Figure 2.21 Loading combinations initiating cyclic mobility after (Kramer 1996) 
 

Figure 2.21(a) shows the incidence of cyclic mobility with no stress reversal, (τstatic 
– τcyc) ≥ 0 and no exceedance of SS strength, (τstatic + τcyc) < SS. In this case, the 
effective stress path moves to the left until it reaches the SS line but without cross-
ing it and additional loading cycles simply cause the stress paths to move up and 
down along the envelope until the effective stress conditions stabilize. The effec-
tive mean stress decreases significantly, and low stiffness allows permanent 
strains to develop within each loading cycle. 

Figure 2.21 (b) illustrates the cyclic mobility occurs with no stress reversal, (τstatic 
– τcyc) > 0 but with SS strength exceeded momentarily, (τstatic + τcyc) > SS. During 
cyclic loading, the effective stress path moves to the left and touches the FLS, 
hence, temporarily instability will occur. In this case, particularly if τstatic is greater 
than the QSS strength, a significant permanent strain may develop but the strain-
ing will generally cease at the end of cyclic loading when the shear stress returns 
to τstatic. 

Figure 2.21(c) shows the cyclic mobility occurring for stress reversals (τstatic – τcyc 
< 0) but the SS strength is not exceeded, (τstatic + τcyc) < SS. In this case, the 
direction of loading changes so that each cycle includes both compressional and 
extensional stresses. Experimental evidence has shown that the rate of pore pres-
sure generation increases with an increasing degree of stress reversal (Kramer 
1996). The effective stress path shifts significantly towards the left and eventually 
oscillates along the compression and extension portions of the SS line. Each time 
the effective stress path passes through the origin, the specimen is in an instan-
taneous state of zero effective stress (ru =100%) and this marks the initial lique-
faction state. However, this state of zero effective stress (initial liquefaction) 
should not be taken to imply that the soil has no shear strength. If monotonic 
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loading is applied at the state of initial liquefaction, the specimen will dilate until 
the steady-state strength is mobilized. Significant permanent strains may accu-
mulate during cyclic loading, but flow failure cannot occur (Kramer 1996). 

In summary, cyclic flow liquefaction is instability that can be triggered at small 
strains when the applied shear stress is greater than the residual or the SS 
strength of the soil while cyclic mobility can occur when the applied shear stress 
is lower than the residual or the SS strength of the soil. They also occur with 
different mechanisms of strain accumulation (Kramer 1996). In the case of cyclic 
flow liquefaction, strain starts accumulating after the onset of instability and then 
the soil liquefies on its own without the need for any further external loading. Fail-
ure is accompanied by a sudden and significant pore pressure build-up. On the 
other hand, in the case of cyclic mobility, even if strain accumulations start once 
the stress path reaches the SS line, the soil requires further loading to cause 
further straining, lose shear strength and become unstable. Furthermore, if there 
is a stress reversal, the mean stress may drop to zero. However, with no stress 
reversal, the stress path simply moves up and down along the SS line. Significant 
strains may develop over time with a more gradual pore pressure build-up. 

 

2.12 Evaluation of liquefaction potential 
2.12.1 Overview of general approaches 
The most important part of liquefaction hazard assessment is the evaluation of 
the liquefaction potential by means of comparing the characteristic loading due to 
ground shaking to the resistance that can be mobilized by the soil at a particular 
site. When the anticipated level of ground shaking is not strong enough to over-
come the inherent liquefaction resistance of the soil, soil that is judged to be sus-
ceptible to liquefaction might not liquefy. Thus, the basis for evaluating the lique-
faction potential involves characterization of the loading and resistance of the soil 
based on the level of the ground shaking and the soil conditions, respectively.  

Different approaches for the evaluation of liquefaction potential have evolved over 
the years and are categorized as cyclic stress-based, cyclic strain-based, energy-
based, numerical methods, and probabilistic (Kramer 1996; Towhata 2008; Cetin 
& Bilge 2012). 

In the early pioneering works on liquefaction phenomena, the effort was mainly 
directed towards the evaluation of the loading conditions required to trigger lique-
faction in terms of the cyclic shear stresses. The liquefaction potential was eval-
uated based on amplitude and number of cycles of earthquake-induced shear 
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stresses. This is generally known as the cyclic stress-based approach (Kramer 
1996; Youd et al. 2001; Boulanger & Idriss 2016). Later, it was found that lique-
faction is a phenomenon that results from volume change due to the application 
of cyclic shear strains. Moreover, experimental data show that the generation of 
pore pressure is more uniquely related to imposed shear strains than to imposed 
shear stresses (Kramer 1996; Idriss & Boulanger 2008; Dobry & Abdoun 2017). 
Hence, the cyclic strain-based approach was proposed to characterize earth-
quake-induced loading and liquefaction resistance. Using this approach, it was 
found that the generation of the pore pressure for a given number of cycles at 
different cyclic shear strain amplitudes falls within a relatively narrow band for a 
broad range of sand types, relative densities, and consolidation stresses (Idriss & 
Boulanger 2008; Dobry & Abdoun 2017). Although the cyclic-stress and cyclic-
strain approaches are the most common in geotechnical earthquake engineering 
practices, also other approaches have been developed. 

Further studies have shown that the generation of pore pressure in saturated sand 
or silt is strongly correlated with the dissipated energy during undrained cyclic 
loading (Kramer 1996). Hence, the dissipated energy (or work) per unit volume of 
soil has been considered to describe the liquefaction problem. The evaluation of 
liquefaction in the field by means of energy-based approaches requires that the 
seismic loading be represented in terms of energy (hence, related to both cyclic 
stresses and cyclic strains). Although studies have found energy-based ap-
proaches promising, their further development faces obstacles. On the one hand, 
there are no correlations of energy along the soil profiles and, on the other hand, 
it lacks to relate ground movements at certain depths to those at the ground sur-
face (Kramer 1996; Boulanger & Idriss 2016). 

Numerical modelling of the stress-strain behaviour of soils has been a subject of 
research for many years and the task of replicating the complex behaviour of po-
tentially liquefiable soils with simple constitutive models has proven challenging. 
Hence, the non-linear cyclic stress-strain behaviour of soils requires to be de-
scribed by advanced constitutive relations. Research in this field is growing in 
various forms for the evaluation of liquefaction potential and the approach is 
known as effective stress-based response analysis (Krzysztof & Félix 2007). 

Further studies showed that there are many potential sources of uncertainty in 
both the loading and the resistance side of the liquefaction problems. Thus, prob-
abilistic approaches have evolved for the evaluation of liquefaction potential in-
tending to minimize the uncertainties during deterministic characterizations of the 
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loading and resistance parameters. The uncertainty in the cyclic loading is, in 
general, dealt with probabilistic seismic hazard analyses procedures. For uncer-
tainties in the liquefaction resistances, either probabilistic parameter characteri-
zations using laboratory tests or in-situ-based results can be used (Kramer 1996). 
 

2.12.2 Cyclic-stress-based evaluation procedures 
2.12.2.1 Background  
Earthquake-induced load-time history includes several cycles at different ampli-
tudes with damaging effects depending on the number of cycles and the stress 
magnitudes of each cycle. Research has shown that an irregular time series can 
be approximated by a uniform cyclic stress-time history with an equivalent number 
of uniform cycles that have a uniform cyclic stress amplitude (Idriss & Boulanger 
2008). CSR, as defined in section 2.6.2.11, is a commonly used derivation for 
uniform cyclic stress proposed by Seed & Idriss (1971). 

In this section, the application of the cyclic stress-based approach that is com-
monly used to evaluate the liquefaction potential is presented. In the cyclic stress-
based approach, the relationship between the various parameters (e.g., density, 
cyclic stress amplitude, and the number of cycles) and initiation of liquefaction is 
expressed graphically through cyclic strength curves as described in the following 
sections.  

2.12.2.2 Evaluation of CRRN 
The CSR that is required to reach liquefaction (e.g., ru = 100%) in a specified 
number of loading cycles, Nc is called the cyclic resistance ratio, CRRN. The rela-
tionship between the CRRN and Nc can be approximated with a power function 
(Idriss & Boulanger 2008) as: 

CRRN = Nc
-  Eq. 2.13 

where  and  are parameters determined by regression from experimental data 
(Idriss & Boulanger 2008). For clean sand typically   0.34, whereas the param-
eter  depends on a wide range of factors.  

Similar to the CSR, CRRN evaluated using the different testing conditions (e.g., 
cyclic simple shear, isotropically, anisotropically consolidated cyclic triaxial or field 
testing, etc.) show differences due to the state of consolidation. For instance, in a 
cyclic simple shear test, specimens are subjected to one-dimensional consolida-
tion of K0 = 0.45 to K0 = 0.50 (Idriss & Boulanger 2008). However, in the isotropi-
cally consolidated cyclic triaxial test, K0 = 1.0, where K0 is the lateral earth pres-
sure coefficient at rest defined by: 
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K0= 
σh

’

σv
’  Eq. 2.14 

Cyclic torsional shear tests performed by Ishibashi et al. (1985) with different K0 
values showed that the CRRN of anisotropically consolidated specimens (K0 

), CRRN, K0≠1, and isotropically consolidated specimens (K0 = 1.0), 

CRRN, K0=1, can be approximated with the approach by Idriss & Boulanger (2008): 

CRRN, K0≠1=(
1+2K0

3 ) CRRN, K0=1 Eq. 2.15 

Similarly, the CRRN from the simple shear test, CRRN, SS can be related to the 
CRRN from the isotropically consolidated triaxial test (CRRN TAT CRRN, K0=1) as: 

CRRN, SS=(
1+2 K0 ss

3 ) CRRN, TAT Eq. 2.16 

Furthermore, studies on unidirectional and bidirectional cyclic simple shear tests 
and shaking table tests showed that the CRRN was reduced by about 10% to 15% 
when the second direction of cyclic loading was added (Idriss & Boulanger 2008). 
This adjustment is needed whenever unidirectional cyclic laboratory tests are be-
ing used to estimate the CRRN in-situ. For level ground conditions, earthquake 
loading is best approximated as two-directional simple shear loading. The CRRN 
from a unidirectional simple shear test would be reduced by 10% to represent in-
situ conditions (Idriss & Boulanger 2008). Consequently, the in-situ CRRN, CRRN, 

field for 2D- shaking would be estimated from isotropically consolidated cyclic tri-
axial tests by: 

CRR field=0.9(
1+2 K0 field

3 ) CRRN, TAT Eq. 2.17 

Similarly, the CRRfield can be estimated from cyclic direct simple shear tests, 
CRRN, ss as 

CRR field=0.9(
1+2 K0 field

1+2 K0 SS
) CRRN, SS Eq. 2.18 

 

2.12.2.3 Magnitude scaling factor (MSF) 
A magnitude scaling factor, MSF is used to adjust the CSR and/or CRRN to a 
common earthquake magnitude value conventionally taken to be Mw = 7.5 for 
engineering applications. This is because the CRRN depends on the number of 
loading cycles which correlates to the magnitude (Seed et al. 1983). The MSF is 
defined by: 
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 Eq. 2.19 

where CRRN, M = CRRN for any Mw;  CRRM=7.5  = CRRN for Mw = 7.5.  

2.12.2.4 Kσ and Kα correction factors 
The CRRN depends on the initial stress state. Thus, correction factors Kσ and Kα 
were developed by Seed (1981) to account for the dependency of the CRRN on 
overburden pressure and static shear stress conditions, respectively.  

The Kσ factor was introduced to account for the nonlinear relationship of the cyclic 
resistance with confining stress levels σc

'  observed during cyclic laboratory tests. 
Cyclic laboratory tests indicate that liquefaction resistance increases nonlinearly 
with confining stress (Hynes & Olsen 1999; Youd et al. 2001). Kσ is defined as: 

Kσ= 
CRRN,σc

'

CRRN,σc
' =1

 Eq. 2.20 

where CRRN,σc
’  = CRRN of soil for a specific value of σc

’  ;  = CRRN of the 

same soil when σc
’ = 1 atm (~100 kPa). 

Figure 2.22(a) illustrates the determination of Kσ and Figure 2.22 (b) shows a var-
iation of Kσ with relative density, Dr. 
 

 
Figure 2.22 Definition of Kσ and effect of Dr on Kσ after Idriss & Boulanger (2008) 
 

To incorporate the effect of initial static shear stresses, e.g. shear stress due to 
sloping ground, on cyclic resistance, Seed (1981) introduced a correction factor 
Kα. To generate the Kα values, Seed (1981) defined the static shear stress ratio 
parameter, α as static shear stress τstatic normalized by the effective vertical stress, 

:  

(a) Definition of Kσ parameter (b) Effect of Dr on Kσ
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α= static

σv0
’   Eq. 2.21 

Seed (1981) used cyclically loaded triaxial compression tests to empirically deter-
mine the correction factor Kα as a function of α. Kα is defined by: 

Kα= 
CRRN, α

CRRα=0
 Eq. 2.22 

where  is the cyclic strength for some value of α and CRRα=0 is the cyclic 
strength if there is no initial static shear stress (α = 0)  

As summarized in Idriss & Boulanger (2008), several researchers have deter-
mined Kα by using cyclic triaxial, cyclic simple shear, torsional shear, and torsional 
ring shear devices and showed that Kα depends on relative density and confining 
stress. Kα derived from simple shear testing is preferred over triaxial testing be-
cause of better correlations of the in-situ rotation of principal stress directions ex-
pected during an earthquake. However, it is argued that the wide range of Kα 
values proposed indicates a lack of convergence and a need for continued re-
search (Youd et al. 2001).  

The variation of the CRRN, α for a strain level of 3% in 10 cycles applied as the 
failure criterion with the initial static shear stress ratio, α is shown in Figure 2.23. 
Figure 2.23(a) shows the effect of varying the relative density, and Figure 2.23(b) 
shows the effect of varying the effective consolidation stress. Laboratory tests 
with α = 0 are assumed representative of the conditions that exist beneath level 
ground surfaces where the shear stresses on horizontal planes are zero. 

 
Figure 2.23 Variation of CRRN,α with parameter α after Idriss & Boulanger 

(2008) 
 

(a) Effect of Dr on CRRN,α (b) Effect of σ’3c on CRRN,α

Pa= 100kPa

Pa= 100kPa
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2.12.2.5 Factors of safety against liquefaction 
The factor of safety against liquefaction, FSL is evaluated using the parameters 
CSR and CRRN discussed above:  

FSL= 
CRRN

CSR  Eq. 2.23 

Seed & Idriss (1971) classified a soil layer with FSL < 1.0 as generally liquefiable 
and with FSL > 1.0 as non-liquefiable. However, even soil with FSL > 1.0 might 
liquefy during seismic shaking. For example, if a soil layer liquefies, the upward 
flow of water might trigger liquefaction of the layer above with FSL > 1.0. Hence, 
soil layers with factors of safety 1.0 < FSL< 1.5 are considered at risk of liquefac-
tion (Seed et al. 1983; Youd et al. 2001).  

2.12.3 The simplified procedure  
2.12.3.1 General 
Early liquefaction potential evaluation methods relied on case histories by inves-
tigating sites struck by earthquakes. Later, in-situ measurements based on the 
standard penetration test, SPT, the cone penetration test, CPT, the shear wave 
velocity, Vs and Becker penetration test, BPT have been correlated with the liq-
uefaction resistances. The simplified procedure originally proposed by Seed & 
Idriss (1971) has evolved as the state-of-practice for evaluating the liquefaction 
potential. It is a cyclic stress-based approach established on empirical assess-
ments of field observations and data. The data was collected from sites with the 
level ground or gentle slopes, underlain by alluvial or fluvial sediments at shallow 
depths (<15 m). Thus, the original simplified procedure was verified for and ap-
plies only to such site conditions (Youd et al. 2001; Dobry & Abdoun 2017). 

There have been several liquefaction charts proposed over the years based on 
the initial simplified procedure proposed by Seed & Idriss (1971), all calibrated by 
an increasing number of case histories of ‘liquefaction’ and ‘no-liquefaction’, typi-
cally normalized to earthquakes magnitude Mw = 7.5  (Dobry & Abdoun 2017). 

To update and enhance criteria that are routinely applied in practice, workshops 
sponsored by the National Centre for Earthquake Engineering Research 
(NCEER) were convened in 1996 and 1998 to gain consensus on updates and 
advances that have evolved over the past 30 years (Youd et al. 2001). Thus, the 
simplified procedure included in this thesis is mainly based on these workshops 
as documented by (Youd et al. 2001). 
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2.12.3.2 Evaluation of CSR in the simplified procedure 
In the simplified procedure, the earthquake-induced cyclic shear stresses were 
represented by average equivalent uniform stress using 65% of the maximum 
cyclic shear stress as proposed by Seed & Idriss (1971). Thus, the CSR in the 
simplified procedure is:  

CSR=0.65 max

σv0
’ =0.65

amax

g
σv0

σv0
’ rd Eq. 2.24 

where amax = peak horizontal ground acceleration at the surface generated by the 
earthquake; g = gravitational acceleration; σv0, σ’v0 = total & effective vertical over-
burden stresses, respectively; rd = stress reduction coefficient accounting for flex-
ibility of soil profile with depth. The parameter rd is usually defined in the simplified 
procedure as:  

rd = 1.0 – 0.00765z      for z ≤ 9.15 m Eq. 2.25 

rd = 1.174 – 0.0267z      for 9.15 m < z ≤ 23  m Eq. 2.26 

where z = depth below ground surface in meters.  

Some researchers have proposed additional equations for rd at greater depths but 
the evaluation of liquefaction at such depths is outside the range where the sim-
plified procedure is verified (Youd et al. 2001). Figure 2.24(a) shows the stress 
reduction coefficient estimated by Eq. 2.25 and Eq. 2.26 and Figure 2.24(b) shows 
the values proposed by other researchers for different earthquake moment mag-
nitudes, Mw. In both cases, the average rd values initially proposed by Seed & 
Idriss (1971) for z < 15 m compared well with the modified rd values. 
 

 
Figure 2.24 Stress reduction coefficient factor variation with depth  
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The simplified procedure requires the estimation of two ground motion parame-
ters, namely: earthquake loading magnitude and peak horizontal acceleration. 
These factors characterize the duration and intensity of ground shaking, respec-
tively and the selection of these values for use in the simplified procedure is pre-
sented by Youd et al. (2001) as follows: 

(a) Magnitude: the moment magnitude, Mw is preferred for liquefaction resistance 
calculations. The moment magnitude criteria are conservative and should not be 
corrected for source mechanism, faulting, distance from the energy source, sub-
surface bedrock topography (basin effect), or tectonic region (Youd et al. 2001).  

(b) Peak acceleration, amax: the peak horizontal acceleration that would occur at 
the ground surface in the absence of pore pressure increase or without initiation 
of liquefaction is recommended. Attenuation relationships compatible with soil 
conditions at a site should be applied in estimating amax (Youd et al. 2001). Where 
site conditions are incompatible with existing attenuation relationships, site-spe-
cific response analyses, using appropriate methods (e.g. using programs SHAKE 
or DESRA), may be used. The least preferable technique to estimate the surface 
motions is the use of amplification ratio factors that amplify bed rock or outcrop 
motions (Youd et al. 2001). 

2.12.3.3 Evaluation of CRRN 
In the simplified procedure, the liquefaction resistance is expressed as CRRN  that 
is generally correlated to in-situ resistances but modified to account for a variety 
of additional variables that can affect liquefaction resistance (Kramer 1996; Youd 
et al. 2001; Dobry & Abdoun 2017). Several liquefaction resistance curves 
(named CRR curves) have been proposed by several researchers using field test 
data and are applied as state-of-practice for routine liquefaction investigations. 
Further details on the suitability, advantages and disadvantages of the resistance 
curves are documented by Youd et al. (2001). 
 

2.12.3.4 Evaluation of MSF 
Available liquefaction resistance curves proposed in the simplified procedure by 
several researchers derived from field test data (e.g. SPT, CPT, Vs or BPT) are 
applicable only for earthquakes of magnitude Mw = 7.5. For this reason, they are 
called cyclic resistance base curves. Thus, to adjust these base curves to a dif-
ferent earthquake magnitude, the MSF correction was proposed (Youd et al. 
2001). The MSF is used to scale the base curves upward or downward on CRRN 
plots. Conversely, the magnitude weighting factor, MWF, which is the inverse of 
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MSF, may be applied to correct the CSR magnitude. Either correcting CRRN by 
MSR or correcting CSR by MWF leads to the same final result (Youd et al. 2001).  

Because of the various proposed MSFs (Figure 2.25), a range of MSFs were rec-
ommended for use in the state-of-practice with an acceptable safety factor (Youd 
et al. 2001). For Mw < 7.5, the lower bound MSF (Eq. 2.27) and upper bound 
MSFs (Eq. 2.28), and for Mw >7.5, the factors recommended by Idriss (see Figure 
2.25) should be used (Youd et al. 2001). Because there are only a few well-doc-
umented liquefaction case histories for earthquakes with Mw > 8, MSFs in that 
range are poorly verified by field data (Youd et al. 2001). 

MSF =
102.24

Mw
2.56    Eq. 2.27 

MSF =
Mw

7.5

-3.3

 Eq. 2.28 

 
Figure 2.25 MSF proposed by various investigators after  Youd et al. (2001) 
 

2.12.3.5 Kσ and Kα correction factors 
It was stated that the simplified procedure was developed and validated only for 
sites with the level ground or gentle slopes and for low overburden pressures. 
Thus, correction factors Kσ and Kα were developed by Seed (1981) so that the 
simplified procedure can be extended to larger overburden pressure and static 
shear stress conditions, respectively.  

Seed (1981) used CRRN data derived from isotropically consolidated, cyclic triax-
ial compression tests on sand specimens for various confining pressures to de-
velop the Kσ values. Thus, by taking the ratio of CRRN for various confining pres-
sures to the CRRN determined for approximately 100 kPa (1 atm), he developed 
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the original Kσ correction curve. Other investigators have added data and sug-
gested modifications to better define Kσ for engineering practice. Hynes & Olsen 
(1999) compiled and analysed a more extensive database to develop Kσ curves 
(Figure 2.26 ) and formulated an equation for selecting Kσ values. 
 

 
Figure 2.26 Curves for estimating Kσ for the simplified procedure 
 

Eq. 2.29 

where  = effective overburden pressure;  = atmospheric pressure;  = expo-
nent as a function of relative density, stress history, ageing, and overconsolidation 
ratio. 

To incorporate the effect of static shear stresses on liquefaction resistance, Seed 
(1981) also introduced the correction factor Kα. Youd et al. (2001) reported the 
liquefaction resistance of dilative soils (moderately dense to dense granular ma-
terials under low confining stress) increases with increased static shear stress. 
Conversely, the liquefaction resistance of contractive soils (loose soils and mod-
erately dense soils under high confining stress) decreases with increased static 
shear stresses. However, it is argued that a wide range of Kα values has been 
proposed indicating a lack of convergence and a need for continued research 
(Youd et al. 2001).  

2.12.3.6 Factor of safety against liquefaction FSL in the simplified method 
Finally, the factor of safety against liquefaction, FSL in the simplified procedure is 
computed by: 
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after Youd et al. (2001)
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FSL=
CRR 7.5

CSR MSFKσ Kα Eq. 2.30 

Several improvements in the evaluation of liquefaction potential with the simplified 
procedure have been proposed after the NCEER workshop e.g. by Carraro et al. 
(2003), Robertson (2010), Zhang (2010), Idriss & Boulanger (2008), Ziotopoulou 
et al. (2014), Boulanger & Idriss (2016). Boulanger & Idriss (2016) indicated the 
quantity and quality of CPT and SPT case histories have increased with recent 
earthquake events. For example, several cases of liquefaction and no-liquefaction 
were compiled during the 2010–2011 Canterbury earthquake sequence. The in-
clusion of these and other data provides an opportunity for improving the lique-
faction analyses. However, it is to be noted that the simplified procedure, even 
with such improvements, lacks to account for pore water pressure development 
which is considered a key factor during the liquefaction process. Pore pressures 
are indirectly taken into account using reduced strength and stiffness values after 
liquefaction is triggered (Byrne et al. 2004; Cudmani 2013; Dobry & Abdoun 
2017)). 

2.12.4 Evaluation of ru  
There are two widely used approaches to evaluate the pore pressure response of 
soils: (i) stress-based and (ii) strain-based. The stress-based approaches use the 
results of cyclic stress-controlled tests to measure the build-up of the pore pres-
sure with the increase in the number of loading cycles. The response is presented 
as the pore water pressure ratio, ru vs the cycle ratio, Nc/Ncl. The strain-based 
evaluation uses strains required to generate the pore pressure during strain-con-
trolled tests (Kramer 1996; Dash & Sitharam 2009). 

Although several models have been proposed in the literature to predict the ac-
cumulation of the pore pressure under cyclic loading for sands, only a limited 
amount of research is available where direct comparison of the pore pressure 
generation is made between test results for silty sands under undrained cyclic 
triaxial loading (Baki et al. 2015). 

To predict the cyclic pore pressure generation in sand based on the stress-con-
trolled experimental data by Lee & Albaisa (1974)Seed et al. (1976) developed 
an empirical, closed-form solution for stress-controlled cyclic tests:  

ru=
1
2 +

1
2 sin-1 2(

Nc

N )
(1 )

-1  Eq. 2.31 
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where ru = pore pressure ratio; Nc = total number of cycles in a test; Ncl = number 
of cycles required to reach the initial liquefaction state (ru = 100%) and  = function 
of soil properties and test conditions (  for clean sands). 

Although Eq. 2.31 is effective in predicting the pore pressure in clean sands, it 
has limitations when applied to sands with a silt content higher than 35% (Porcino 
& Diano 2016). 

Using results of cyclic triaxial tests carried out on moist-tamped reconstituted 
specimens of sand with different non-plastic fines contents, a correlation relating 

 to relative density (Dr), cyclic stress ratio (CSR) and fines content (FC) was 
proposed by Polito et al. (2008) for sands with non-plastic fines, expressed as: 

 Eq. 2.32 

where  dimensionless regression constants (Table 2.4); (Dr and FC 
are in percentage) 

Table 2.4 Regression coefficients determined by Polito et al. (2008) 
Year     

 35% 0.011660 0.0073970 0.01034 0.5058 

 35% 0.002149 -0.0009398 1.66700 0.4285 

 

Dash & Sitharam (2009) carried out extensive stress-controlled cyclic triaxial tests 
on sand–silt mixtures to study the effect of non-plastic fines on undrained cyclic 
pore pressure response and compared their results with the upper and lower 
boundary values proposed by Lee & Albaisa (1974) (Figure 2.27). It can be ob-
served that there are marked differences in undrained cyclic pore pressure gen-
eration of sand-silt mixtures when compared with the proposed empirical model. 

 
Figure 2.27 Typical pore water pressure responses  

(Nc/Ncl) [-]

Upper and lower curves
Lee & Albaisa (1974)
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r u
 [-

]

r u
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(a) ru after Seed et al. (1975) (b) ru after Dash & Sitharam (2009)

Eq. 2.31, α = 0.7
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2.12.5 Evaluation of liquefaction potential using numerical methods 
In addition to in situ and laboratory experiments, significant progress has also 
been made in the last decades in the numerical simulation of stress-strain behav-
iour, pore pressure build-up and liquefaction potential evolution of granular soils 
under cyclic loading (Nie et al. 2016).  

Several studies on liquefaction analyses documented in the literature have used 
constitutive models based on yield and bounding surfaces (e.g. (Dafalias & Man-
zari 2004), (Zhang & Wang 2012)) or a critical-state framework (Li & Ming 2000). 
Camusso & Barla (2009) carried out numerical modelling for loose and cemented 
soil using the particle method where the soil is represented by cylindrical or spher-
ical particles and relevant microparameters are given to their contacts to repro-
duce the intended material behaviour; Bao, Y. Sture, S. (2011) used a kinematic-
cyclic constitutive model based on fuzzy-set concepts and incremental plasticity 
theory for modelling the cyclic mobility of saturated granular soil. Cudmani (2013) 
modelled the basic mechanisms of earthquake-induced soil liquefaction consid-
ering the shaking of a block on a thin granular layer modelled with a hypoplastic 
constitutive model; Liu et al. (2014) carried out studies based on generalized plas-
ticity. The dynamic response of fully saturated non-cohesive soils was modelled 
by Borowiec & Stanuszek (2016) using elastic-perfect plastic Mohr-Coulomb and 
UBC-sand constitutive models. The mechanical behaviour of isotropically and an-
isotropically consolidated Firoozkuh sand in very loose, loose, and medium-loose 
states was simulated by Lashkari et al. (2017) using a state-dependent elasto-
plastic constitutive model. Elgamal et al. (2003) developed a plasticity model for 
capturing the cyclic mobility behaviour by extending existing multi-surface plastic-
ity. Krzysztof & Félix (2007) presented constitutive models for predicting the liq-
uefaction of soils based on a plasticity model as well as incrementally non-linear 
and so called octo-linear models. A liquefaction constitutive model based on en-
dochronic theory applied to the densification of sandy soil was developed by 
López-Querol & Blázquez (2006), López-Querol & Blázquez (2007), and López-
Querol et al. (2008). 
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2.13 Summary of the literature review  
Liquefaction is a phenomenon associated with the rise of pore pressure and loss 
of shearing resistance caused by monotonic or cyclic loads. The generation of 
excess pore pressure and subsequent liquefaction of saturated soils has been a 
topic of vast research. Most of the earlier studies focused on clean sands assum-
ing that the presence of fines in the sand prevents the development of excess 
pore pressure. However, historical evidence revealed that soils containing fines 
are also prone to liquefaction during earthquakes. Thus, the liquefaction of silty 
sands has been the subject of several recent studies. 

The initial fabric and the proportion of contacts, which are inherently related to the 
deposition process, have a key role in the response of silty sand. During deposi-
tion, silt grains have two main positional tendencies: either locate in the intergran-
ular void space in between adjacent sand grains or they would locate between 
contact points of the sand grains by pushing them apart. The proportion between 
these two main tendencies highly influences the liquefaction behaviour of silty 
sands. Thus, the response of silty sands can be caused by two components: (i) 
destruction of “metastable” grain contacts, and (ii) reconfiguration of the sand 
skeleton during shearing. The “metastable” contacts could be highly unstable and, 
therefore, their disturbance during undrained shearing could contribute to signifi-
cant excess pore pressure generation. 

The parameters that affect the undrained behaviour and liquefaction state of 
sands and silty sands under monotonic and cyclic loading include fines content, 
confining pressure, relative density, degree of saturation, grading characteristics, 
size and shape of the grains, sample preparation method etc. However, there is 
not a widely accepted consensus on the effects of these parameters. For in-
stance, there is a disagreement on whether increasing fines content increases or 
decreases liquefaction resistance of silty sands, even with the same comparison 
basis (e,g, void ratio, relative density, etc.). 

Research shows that the volumetric contractiveness of clean sands typically in-
creases with an increase in effective confining stress while silty sands show the 
so called “reverse behaviour”. At low confining pressures, more “metastable” con-
tacts are likely to be preserved before the shearing, which makes silty sand spec-
imens more liquefiable compared to the ones tested at higher confining stress 
prepared at the same initial relative density. Besides, it was also observed that 
for a constant fines content, the cyclic liquefaction resistance of sand–silt mixtures 
are affected by the initial void ratio, initial effective confining pressure, and cyclic 
stress ratio. 



60 Literature review 

 

 

 

Literature shows that the effects of fines content on undrained behaviour and liq-
uefaction state have been investigated by mixing known percentages of standard 
silts with standard clean sands. However, the behaviour of a standard sand-silt 
mixture is different from natural silty sand. Thus, the purpose of this dissertation 
is to study the behaviour and liquefaction potential of natural silty sand under 
monotonic and cyclic loading conditions accounting for initial density (void ratio), 
effective mean stress and loading amplitudes. 
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3 Material and properties  

3.1 Introduction  
In the current study, two phases of assessments were performed. In the first 
phase, collection of soil samples from four seismically active sites, near Mekelle 
city (the capital city of the Tigray regional state, Ethiopia), was performed. On 
April 24, 2018, an earthquake having a magnitude ML = 5.2 was recorded in the 
Afar triple junction, 58 km east of the city of Mekelle, (USGS 2019). Four soil 
samples were collected close to this site at a depth of 3 m below the ground level. 
During this stage, preliminary screening using the composition criteria for the as-
sessment of the susceptibility to liquefaction described in section 2.6.3 (Figure 2.5 
and Table 2.3) were used to select a likely liquefiable soil sample for further inves-
tigations.  

In this thesis, all tests are carried out following the ASTM international and/or DIN 
standard procedures. A list of the tests and their corresponding standards is given 
in Appendix B.  
 

3.2 Preliminary assessment of liquefaction potential  
A summary of field and laboratory index tests carried out on the four collected 
samples (designated ETP-1 to ETP-4) and the test results are presented in Table 
3.1 and Table 3.2. 

Table 3.1 Summary of field and laboratory index test results 
Sample ρd w Gs LL PL PI 

[g/cm3] [%] [-] [%] [%] [%] 
ETP-1 1.68 10.4 2.66 21.75 NP NP 
ETP-2 1.45 15.8 2.62 23.97 NP NP 
ETP-3 1.52 16.8 2.60 23.88 NP NP 
ETP-4 1.29 15.2 2.67 22.66 NP NP 

 

Table 3.2 Summary of gradation test results  
Sample Percentage of particle sizes FC 

[%] 
Classification 

(USCS) Gravel 
[%] 

Sand 
[%] 

Silt 
[%] 

Clay 
[%] 

ETP-1 0.00 65.46 28.29 6.25 34.54 SM 
ETP-2 2.08 48.85 32.65 16.42 49.07 SM 
ETP-3 0.06 41.64 41.16 17.14 58.30 SM 
ETP-4 0.55 48.62 44.02 6.81 50.83 SM 

 

The results in Table 3.1 and Table 3.2 indicate that the samples comprise less 
than 50% of fines passing sieve NO.200 (0.075 mm) and are coarse-grained. 
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Based on the unified soil classification system (USCS), the samples are classified 
as silty sands (SM) with some clay contents.  

Using the different preliminary liquefaction potential assessment methods de-
scribed in section 2.6.3, the screening was carried out as shown in Table 3.3. 

Table 3.3 Preliminary assessment of liquefaction potential 
Assessment 
method 

Potentially 
liquefiable 
criteria, if 

ETP-1 ETP-2 ETP-3 ETP-4  
Decision: 
 
ETP-1 & ETP-
4 satisfy all cri-
teria and are 
considered po-
tentially liquefi-
able 

Modified Chines Criteria Clay < 10 
& 
LL < 32 

Yes 
Yes 

No 
Yes 

No 
Yes 

Yes 
Yes 

Seed et al (2003) PI < 12 & 
LL < 37 

Yes 
Yes 

Yes  
Yes 

Yes 
Yes 

Yes 
Yes 

Boulanger & Idriss (2006) PI < 3 Yes 
Yes 

Yes  
Yes 

Yes  
Yes 

Yes 
Yes 

 

Further liquefaction potential assessment of the samples was carried out using 
the particle size distribution curves in comparison with the recommendations by 
Tsuchida (1970) (section 2.6.3). The particle size distribution of the soil samples 
together with the boundary ranges for liquefiable and non-liquefiable soils (re-
plotted from Figure 2.5) is shown in Figure 3.1. The gradation results in Table 3.2 
and Figure 3.1 show that to some extent all gradation curves fall within the range 
of potentially liquefiable and most liquefiable soils. Considering ‘the most poten-
tially liquefiable’ range, ETP-1, ETP-2, ETP-3 and ETP-4 comprise about 70%, 
35%, 40% and 50%, respectively while in the ‘potentially liquefiable’ range, they 
comprise about 80%, 65%, 70% and 70% particles sizes, respectively. At this 
stage, considering these preliminary assessments, ETP-1 is presumed more sus-
ceptible to liquefaction than the other samples within the ‘most potentially liquefi-
able’ range criteria. Hence, in the present thesis, sample ETP-1, which contains 
65.5% sand, 28.3% silt, and 6.2% clay by mass, is used for further investigations. 
Subsequently, sample ETP-1 was transported from Ethiopia to the University of 
Kassel, Germany for further investigations. 
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Figure 3.1 Evaluation of liquefaction potential of the samples  
 

3.3 Physical and mineralogical properties of ETP-1 
3.3.1 Mineral content and size of particles  
To determine the dominant mineral content and size of sample ETP-1, two types 
of specimens were prepared: (1) ‘No-fines specimen’ by sieving out the fines con-
tent on a vibratory shaker having a sieve size of 0.075 mm (No. 200 sieve), and 
(2) ‘mixed specimen’ that includes the fines, i.e., a silty sand specimen of ETP-1. 
Figure 3.2 (a, c) shows the specimen preparations for testing of the mineral com-
position and size of particles.  

Mineral composition tests were also carried out on the two separate specimens 
using the x-ray diffraction index (XRD) method. The XRD analysis results show 
that the dominant mineral composition in both specimens is quartz (SiO2) with 
some clay (Kaolinite: Al2(Si2O5)(OH)4; Montmorillonite-chlorite: NaAl(Si4O10)(O)) 
in the mixed specimen.  

Furthermore, the range of grain shape of particles was determined using an opti-
cal light microscope capable of processing different resolutions. The two separate 
specimens were magnified with different resolutions to determine the sizes of the 
particles. Images retrieved from the light microscope (Figure 3.2 (b, d) show that 
the sizes of dominant particles range from 0.075 mm to 2.0 mm mostly with 
rounded and subrounded shapes. 
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Figure 3.2 Typical specimen preparation and light microscopic images 
 

3.3.2 Particle size distribution 
Figure 3.3 shows the particle size distribution curve of sample ETP-1. The curve 
for the coarse fraction (No-fines specimen with particle sizes, D > 0.075mm) was 
obtained from wet sieve analysis (ASTM D1140) while for the fine particles (D < 
0.075mm) a hydrometer analysis (ASTM D7928) was used to evaluate the parti-
cle size distribution.  

 
Figure 3.3 Particle size distribution curve of ETP-1 
 

(a) No-fines specimen (b) Microscopic image (20x resolution)

(c) Mixed specimen (d) Microscopic image (50x resolution)
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Using Figure 3.3, the gradation parameters uniformity coefficient (Cu) and coeffi-
cient of curvature (Cc) are computed by: 

 Eq. 3.1 

 Eq. 3.2 

 

where D10, D30, D60 = size of particles at 10 %, 30 % and 60 % percentage passing.  

ETP-1 is a well-graded (Cu > 4 & 1 < Cc < 3) fine to medium size sand classified 
as SM according to unified soil classification system (USCS, ASTM D2487). 

 

3.3.3 Maximum (emax) and minimum (emin) void ratios  
The maximum (emax) and minimum (emin) void ratios of sample ETP-1 have been 
determined according to DIN 18126 standard similar to ASTM D4253/54 method. 
ASTM D4253/54 indicates that the standard procedure used for the determination 
of emax and emin is usually applicable only for sand with FC < 15%. At higher FC, 
segregation during the pouring of soil may occur. However, alternative methods 
are limited and the standard procedure is also used for the cases FC > 15%. In 
the DIN 18126 standard, emax is determined by placing a funnel’s aperture at the 
bottom of a 430 cm3 volume standard mould and filling it with soil in its cone. 
Then, the funnel is raised slowly so that the soil could flow out of the cone through 
the aperture without a height drop. This process reduces particle segregation. To 
determine the minimum void ratio, the same specimen used for determining emax 
is filled back into the mould and uniformly tapped manually in water-saturated 
condition. The tapping is vital to ensure that the soil is compacted to possible 
maximum density in a saturated state. The maximum dry density of the specimen 
is then obtained after 24 hours of oven-drying. From the maximum and minimum 
dry densities, the emin and emax are calculated by Eq. 3.3 and Eq. 3.4, respectively. 
By repeating the procedures on different trial specimens, representative mean 
values for emax and emin were obtained (Table 3.4).  

 Eq. 3.3 

 Eq. 3.4 

 Eq. 3.5 
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where ρmax, ρmin = maximum and minimum dry density, respectively; ρs, ρw = den-
sity of particles and water, respectively; Gs = specific gravity of particles. ρw = 1.0 
g/cm3 at room temperature is assumed. 

Table 3.4 Summary maximum and minimum void ratio of ETP-1 
Parameter EVD-1 EVD-2 EVD-3 EVD-4 EVD-5 EVD-6 Mean 
emax 1.121 1.082 1.084 1.074 1.09 1.10 1.093 

emin  - 0.487 - 0.490 - 0.496 0.491 
 

 
3.3.4 Hydraulic conductivity 
To establish the coefficient of permeability, hydraulic conductivity tests on speci-
mens with various initial densities were accomplished using the falling head 
method. A cylindrical specimen enclosed in a metal mould was initiated to a pre-
determined head of water and during the testing, the drop in head with corre-
sponding time was recorded until the flow out of the specimen was so slow that 
changes are minimal. From the drop in height of the water head with time, the 
permeability characteristic of the soil was determined. The test program and re-
sults are summarized in Table 3.5 and Table 3.6, respectively.  

 
Table 3.5 Permeability testing program  

Parameter Symbol Unit PT-1 PT-2 PT-3 PT-4 

Dry Density ρd [kg/cm3] 1.35 1.39 1.47 1.70 

Initial void ratio e0 [-] 0.968 0.910 0.814 0.564 

Relative density Dr0  [%] 21.9 31.8 48.2 90.6 

 

Table 3.6 Summary of permeability test results 
Trial  PT-1 PT-2 PT-3 PT-4 

1 2 1 2 1 2 1 2 

Permeability, k x10-8 [m/s] 74.7 66.2 27.2 28.4 11.8 11.1 1.92 1.75 

Averaged, k x10-8 [m/s] 70.4 27.8 11.45 1.83 
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3.4 Summary of general test results for ETP-1 
The general laboratory tests carried out on sample ETP-1 include mineral com-
position tests, specific gravity tests, gradation tests, maximum and minimum den-
sity tests, and permeability tests. A summary of the physical properties of sample 
ETP-1 is given in Table 3.7 

Table 3.7 Summary of physical properties of sample ETP-1 
Property Symbol Unit Value 

Specific gravity Gs [-] 2.66 

Sand content  - [%] 65.5 

Silt content - [%] 28.3 

Clay content - [%] 6.2 

Effective diameter D10 [mm] 0.005 

30% finer diameter D30 [mm] 0.06 

Average diameter D50 [mm] 0.194 

60% finer diameter D60 [mm] 0.25 

Uniformity coefficient Cu [-] 41.7 

Curvature coefficient Cc [-] 2.4 

Maximum void ratio emax [-] 1.093 

Minimum void ratio emin [-] 0.491 

Maximum density max [g/cm³] 1.782 

Maximum density min [g/cm³] 1.269 

Density of grains s [g/cm³] 2.657 
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4 Monotonic triaxial tests 

4.1 Testing programs 
The soil response under monotonic loading is often used as a reference in the 
analysis of cyclic test data. It is also necessary to calibrate the parameters of 
material models used in numerical analyses to study soil behaviour. The behav-
iour of the silty sand sample (ETP-1) during monotonic loading was investigated 
for different densities and confining pressures. Strain-controlled compressional 
tests were carried out to establish the static shear strength. For such purposes, 
six drained tests initially in a dense state, three undrained tests initially in a me-
dium state, and six undrained tests initially in a loose state were carried out on 
reconstituted specimens of ETP-1. All the specimens were consolidated isotropi-
cally with constant effective mean stress, pʹ0 followed by monotonic loading in the 
axial direction with a constant rate of displacement of 0.005 mm/min. The initial 
effective stress range of each specimen was purposely chosen to reflect the range 
of confining pressures at which soil is considered susceptible to liquefaction in-
situ. Baki (2011) also used a similar approach for his research. Details of the test-
ing program are listed in Table 4.1. 

In Table 4.1, “EMT-CD” represents tests of specimens isotropically consolidated 
and sheared under drained conditions while “EMT-CU” denotes tests carried out 
on specimens isotropically consolidated and sheared under undrained conditions. 
In all tests, the initial conditions (dry density, void ratio & relative density) were 
determined from measurements of dry mass and specimen volume: 

 Eq. 4.1 

 Eq. 4.2 

 Eq. 4.3 

 Eq. 4.4 

where ρd = dry density; md = oven-dry mass; e0 = initial void ratio; Dr0 = initial 
relative density; V0 = volume of a specimen with height (H0) and diameter (D0).  

The initial H0 and D0 measurements are taken before the specimen is placed into 
the mould. The state of compaction of the specimens is classified using Dr0 as 
follows: soil with initial Dr0 < 15% is very loose state; 15 % < Dr0 < 33 % is loose; 
35 % < Dr0 < 65 % is medium dense; 65 % < Dr0 < 85 % is dense and Dr0 > 85 % 
is very dense. 
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4.2 Testing apparatus and procedure 
All monotonic triaxial tests were carried out using a strain-controlled loading pro-
cedure. Pressures for saturation and consolidation were monitored mechanically 
via controlling pressure gauges while the axial deformation, loading, and pore 
water pressures were monitored using a built-in data acquisition system. 

Table 4.1 Monotonic triaxial testing program  
Test d 

[g/cm³] 
e0 
[-] 

Dr0 
[%] 

 
[kPa] 

Type of 
test 

State of  
compaction  

Purpose of  
tests 

EMT-CD-1 1.61 0.650 73.5 50 Drained  Dense Effect of initial den-
sity and confining 
stress on drained 
and undrained be-
haviour of ETP-1 

EMT-CD-2 1.63 0.635 76.0 100 Drained 

EMT-CD-3 1.60 0.661 71.8 200 Drained 

EMT-CD-4 1.68 0.578 85.6 50 Drained  Very dense 

EMT-CD-5 1.69 0.572 86.5 100 Drained 

EMT-CD-6 1.69 0.577 85.7 200 Drained 

EMT-CU-1 1.35 0.968 20.7 50 Undrained  Loose 

EMT-CU-2 1.35 0.968 20.7 100 Undrained 

EMT-CU-3 1.35 0.968 20.7 200 Undrained 

EMT-CU-4 1.39 0.910 30.3 50 Undrained 

EMT-CU-5 1.39 0.910 30.3 100 Undrained 

EMT-CU-6 1.39 0.910 30.3 200 Undrained 

EMT-CU-7 1.46 0.825 44.5 50 Undrained Medium  

EMT-CU-8 1.46 0.820 45.3 100 Undrained 

EMT-CU-9 1.46 0.815 46.2 200 Undrained 
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The flow chart in Figure 4.1 outlines the general testing procedures followed in 
this thesis. 

Figure 4.1 Flow chart for triaxial testing procedures 
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4.3 Specimen preparation 
The specimen preparation procedure causes a certain soil fabric with different 
arrangements of particles, particle groups, and pore spaces. During deposition of 
samples, the soil particles tend to be oriented in some preferred directions forming 
inherent anisotropy. Hence, it is appropriate to assume that different sample prep-
aration methods lead to different soil fabrics. Specifically in the case of undrained 
tests, different sample preparation methods resulted in different rates of pore 
pressure accumulation which in turn affect liquefaction resistances (Wichtmann 
et al. 2005; Lade 2016). 

Several methods for preparing reconstituted specimens have been reported in the 
literature. These include moist tamping, air pluviation, water sedimentation, slurry 
deposition, dry deposition and the under-compaction method (Sze & Yang 2014; 
Lade 2016). Because none of these methods can replicate exact field conditions, 
the choice of a method largely depends on the purpose of the study (Rahman & 
Lo 2014). The method shall fulfil the following criteria: (i) it must produce a wide 
range of density from loose to dense as expected within in-situ soil deposition; (ii) 
the void ratio must be uniform through the sample (iii) the samples must be well 
mixed to provide a homogeneous structure without segregation, particularly for 
sand-fines mixture; (iv) it should be possible to fully saturate the samples. 

For all triaxial tests in this thesis, specimens with a nominal diameter of 50 mm 
and height of 100 mm are prepared using the dry funnel deposition method to-
gether with the under-compaction method. The dry funnel deposition method in-
duces very low depositional energy to the specimen and is assumed suitable to 
create a loose packing with relatively homogeneous specimen conditions (Sze & 
Yang 2014; Lade 2016). For the preparation of denser specimens, the method is 
combined with the under-compaction procedure. In the under-compaction proce-
dure, dry soil is compacted in layers leaving lower layers with pre-estimated lower 
density than the successive upper layers. Then, when the upper layers are being 
compacted with uniform tamping, the compaction of the lower layers is also in-
creased providing a fairly uniform density of the specimen. Specimens are pre-
pared by first estimating the required dry mass for the desired relative density. 
This defines the initial conditions of the specimen (known dry density, ρd and initial 
void ratio, e0). Figure 4.2 illustrates preparation of specimens using this method.  

Before placing the soil specimen into the split mould, a small vacuum (20 kPa to 
30 kPa) was applied to adjust the rubber membrane so that it fits the walls of the 
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split mould. This helps to prepare a reasonable cylindrical volume of the speci-
men. For all prepared specimens, the dry funnel deposition method was per-
formed by placing dry sand into a funnel with its spout at the bottom of the mould 
(Figure 4.2 (a)). Then, the funnel was slowly raised from the bottom of the cylin-
drical mould such that the specimen was deposited slowly without any drop of 
height (Figure 4.2(b)) to get loose density. Denser specimens were achieved by 
tamping uniformly and vertically on the surface of the top layers (Figure 4.2(c)). 
The number of layers were varied according to the intended initial density and 
required tamping. The specimen is assumed to have a uniformly distributed den-
sity along the height with a horizontal orientation of the layers (Figure 4.2(d)). 
 

 
Figure 4.2 Specimen preparation (dry deposition) after Sze & Yang (2014)   
 

4.4 Specimen saturation  
The saturation process aims to ensure that all voids within the test specimen are 
filled with water and that the pore pressure transducer and drainage lines are 
properly de-aired. This was achieved by applying a partial vacuum (20 kPa to 
30 kPa) to the specimen from the bottom forcing water to flow up to the top so 
that air bubbles are collected and removed from the specimen. This was then 
followed by a linear increase of the cell and back pressures as shown in Figure 
4.3 (a) during which constant effective stress is maintained to further circulate the 
water in the specimen until acceptable saturation. The effective stress was set 
lower than the value required for consolidation as it might tend to over-consolidate 
the specimen. To achieve an acceptable specimen saturation, a higher back pres-
sure (400 kPa to 600 kPa) which can force air into solution was imposed. To 
check the degree of specimen saturation, Skempton’s B-check procedure is ap-
plied. The B-check requires raising the cell pressure while the drainage system is 
closed (Figure 4.3 (b)). Then, the B-value is determined as follows:  

 Eq. 4.5 

Soil deposition at 
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funnel with its tip at 
bottom (zero height)

Uniform tamping to 
desired density
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where B = Skempton’s coefficient; Δu = pore water pressure change due to in-
crease of cell pressure by .  

For all tests, B ≥ 0.95 was set as a minimum saturation requirement.   
 

 
Figure 4.3 Specimen saturation and B-value check for saturation (schematic) 

4.5 Consolidation 
All specimens in the triaxial tests were isotropically consolidated under a target 
effective mean stress after reaching B ≥ 95 %. The consolidation stage is to bring 
the specimen to the effective stress state required for shearing. It is achieved by 
increasing the cell pressure while maintaining a constant back pressure (often 
equal to the pore pressure reached during the final saturation)) and the drainage 
valves are open. The consolidation is continued until the pore water pressure vol-
ume change, ΔV of the specimen is no longer significant as shown in  

Figure 4.4. Specimens were allowed to consolidate for approximately 12 h to 24 h 
during which the volume changes are recorded and monitored either manually 
(for monotonic tests) or using the automated GEOsys data acquisition and control 
system (for cyclic tests). The volume change values are then used to calculate 
the void ratio of the specimen at the end of the consolidation. At the end of the 
consolidation stage, a specimen is ready either for the strain-controlled monotonic 
tests or stress-controlled cyclic tests.  

 
Figure 4.4 Monitoring consolidation process of a test specimen (schematic). 
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4.6 Monotonic loading 
In this thesis, all drained and undrained monotonic tests have been carried out as 
strain-controlled tests with a constant axial deformation rate of 0.005 mm/min. 
Strain-controlled tests are favourable when the sample undergoes limited lique-
faction or flow liquefaction (Baki 2011). Thus, slow strain rates are applied to allow 
pore water pressure changes to develop uniformly throughout the specimen dur-
ing undrained shearing. Pore water pressure and cell pressure in the specimen 
are measured with pressure transducers while the deformation is measured using 
a displacement transducer connected directly to the axial load piston. All data is 
recorded with a data acquisition system on a personal computer. The tests were 
continued to maximum axial strain to reach the steady state.  

4.7 Data processing and interpretation 
4.7.1 Failure condition 
Strain-controlled drained and undrained monotonic tests were carried out on 
specimens prepared at different initial relative densities and consolidated to ef-
fective mean stresses of pʹ0 = 50 kPa, pʹ0 = 100 kPa and pʹ0 = 200 kPa (Table 
4.1). In the drained (ASTM D7181) and undrained (ASTM D4767) tests, failure is 
defined as the maximum principal stress difference (maximum deviator stress) 
attained or the principal stress difference (deviator stress) at  = 15 %, whichever 
is obtained first during the performance of a test. In this thesis, failure in the mon-
otonic tests was defined as the peak principal stress difference (maximum devia-
tor stress) attained, and the critical state is defined at large axial strain (20% cor-
responding to a steady state). 

4.7.2 Interpretation of parameters  
The data derived from the monotonic tests are used to determine parameters that 
describe the monotonic behaviour of sample ETP-1. All dimensions of the speci-
mens are determined after the consolidation stage and were used for the inter-
pretation of the loading effects during the shearing stage. The different parame-
ters are calculated based on ASMT D4767 and ASTM D7181 standards as fol-
lows: 

Axial strain                                   Eq. 4.6 

Volumetric strain                          Eq. 4.7 

Effective axial stress                    Eq. 4.8 
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Total mean stress                        Eq. 4.9 

Effective mean stress   Eq. 4.10 

Deviatoric stress                        Eq. 4.11 

Pore water pressure (PWP)  Eq. 4.12 

where Hc, Vc = initial height and volume of a specimen, respectively; ,  = 
changes in height and volume of a specimen, respectively, due to shearing; FN = 
normal force exerted during shearing; σ1, σ3, σ’1, σ’3 = total major, total minor, 
effective major and effective minor principal stresses, respectively.  

Moreover, for all tests area corrections were applied to the test data but no cor-
rection was made for membrane effects. Due to the small particle sizes of the soil, 
the membrane penetration and deviatoric stress change errors were estimated 
and were found in the ranges considered negligible by ASTM standards. The 
cross-sectional area correction of specimens was made on the assumption that 
specimens deform as a right circular cylinder keeping their original shape (no 
change of shape) following ASTM standards according to Appendix C. 

Furthermore, the initial stiffness values derived from the monotonic tests have 
been used to derive the dependency of the stiffness of sample ETP-1 on the initial 
effective mean stresses. Figure 4.5 shows definitions and parametric determina-
tions of the two stiffness parameters, E0 and E50. As a measure of stiffness, E0 
refers to the initial tangent modulus at the beginning of shearing (near q = 0) and 
E50 represents secant stiffness between q = 0 and q = 0.5qmax (average deviatoric 
stress level) according to Wichtmann (2016) definitions. 

 
Figure 4.5 Parametric definitions and determinations of E0 and E50 
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4.8 Test results and discussion 
4.8.1 Drained tests 
Monotonic tests on isotropically consolidated, initially dense specimens have 
been carried out under drained conditions. The post-consolidation relative density 
of the specimens at p’0 = 50 kPa, p’0 = 100 kPa, p’0 = 200 kPa was Dr = 74.5%, Dr 

= 82.7% and Dr = 88.1%, for EMT-CD-1, EMT-CD-2, and EMT-CD-3, respectively. 
For EMT-CD-4, EMT-CD-5 and EMT-CD-6, it was Dr = 86.6%, Dr = 91.5% and Dr 

= 91.8% for p’0 = 50 kPa, p’0 = 100 kPa, p’0 = 200 kPa, respectively. Figure 4.6 
shows the monotonic drained response of sample ETP-1 for EMT-CD-1, EMT-
CD-2, and EMT-CD-3. 

For all investigated effective mean stresses, Figure 4.6(a) shows the deviatoric 
stress increasing to a peak value (at about εa = 17%) and remaining constant until 
the SS (εa = 20%). Figure 4.6(b) presents the well-known slope ratio 1:3 of the 
stress path for drained tests. Figure 4.6 (c) plots the stress ratio versus the axial 
strain. The stress ratio increases with increasing strains and eventually reaches 
a constant value after Ɛa > 17%. A summary of the stress-strain conditions at peak 
and steady state are presented in Table 4.2. 

Figure 4.6(d) presents the stiffness dependency of sample ETP-1 on initial mean 
effective stress, p’0. The responses for the initial tangent modulus, E0 and secant 
stiffness, E50 in Figure 4.6(d) reflect the well-established fact that the stiffness 
increases with increasing pressure compared at same density which is in agree-
ment with literature (e.g. (Wichtmann 2016)). Both stiffness trends correlate well 
with exponential functions with higher coefficient of determination R2 > 0.95. For 
the tested specimens, E0 = 5.5 MPa, E0 = 7.5 Mpa and E0 = 12.0 Mpa and E50 = 
2.08 Mpa, E50 = 2.93 Mpa and E50 = 5.22 Mpa at effective mean stresses of p’0  = 
50, p’0  = 100 kPa, p’0  = 200 kPa, respectively, are evaluated. 
 

Table 4.2 Summary of monotonic drained response 
Test initial conditions parameters at peak state parameters at SS (critical state) 

Dr 
[%] 

p’0 
[kPa] 

p’ 
[kPa] 

q 
[kPa] 

εa 
[%] 

p’ 
[kPa] 

q 
[kPa] 

εa 
[%] 

EMT-CD-1 74.5 50 88.5 115.4 17.8 87.4 112.3 20 

EMT-CD-2 82.7 100 175.1 225.3 21.4 171.9 215.7 20 

EMT-CD-3 88.1 200 332.8 398.3 19.5 326.3 379.0 20 

EMT-CD-4 86.6 50 79.8 89.4 19.6 74.9 74.7 20 

EMT-CD-5 91.5 100 165.0 195.1 18.0 163.4 190.3 20 

EMT-CD-6 91.8 200 334.8 404.4 18.9 331.6 394.8 20 
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Figure 4.6 Drained monotonic responses of initially dense specimens 

 

4.8.2 Undrained tests  
Undrained monotonic compression tests have been conducted on initially loose 
and medium dense specimens isotropically consolidated to effective mean 
stresses of p’0 = 50 kPa, p’0 = 100 kPa, p’0 = 200 kPa (Table 4.1). Typical stress-
strain, pore pressure and stress path relationships are shown in Figure 4.7 for the 
loose specimens with post-consolidation relative densities of Dr = 21.4 % to Dr = 
21.9%. Figure 4.7(a) presents the stress-strain response. The loose specimens 
showed strain-softening after reaching a peak undrained shear strength, qpeak at 
very low strains (Ɛa = 0.9% to 1.6%). Moreover, the pore water pressure continu-
ously evolves until a maximum value and then remains constant (Figure 4.7(b)). 
The continuous accumulation of the pore pressure results in a decrease of effec-
tive mean stress. The stress path gradually approaches the SS line (Figure 4.7(c)) 
showing continuous deviatoric stress reduction with further shearing without 
phase transformation for the applied confining pressures. Hence, the responses 
of the loose specimens showed contractive behaviour which is defined as unsta-
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ble behaviour (instability). This was also stated as static flow liquefaction behav-
iour in section 2.7.2. The onset of this instability or unstable behaviour is pre-
sented by the instability IS line in the p’-q plot (Figure 4.7(c)).  

The responses of all other specimens under monotonic testing for both drained 
and undrained conditions are presented in Appendix D. 

Following the responses achieving constant pore water pressure and deviatoric 
stress values at large strains, the stress-strain conditions at the end of the test 
have been considered as the critical or steady state of the specimens. Hence, the 
mean stresses, deviatoric stresses, axial strains, and pore pressure changes at 
the peak and steady state are summarized in Table 4.3. 
 

Table 4.3 Summary of monotonic undrained responses 
Specimen initial condi-

tions 
parameters at peak state parameters at SS (critical state) 

Dr 
[%] 

p’0 
[kPa] 

p’ 
[kPa] 

qpeak 
[kPa] 

a 
[%] 

Δu 
[kPa] 

p’ 
[kPa] 

qss 
[kPa] 

εa 
[%] 

Δu 
[kPa]  

EMT-CU-1 22.7 50 28.5 25.0 0.9 29.8 20.2 20.7 20.2 36.7 

EMT-CU-2 26.6 100 50.7 44.6 1.3 63.3 36.1 41.2 20.2 76.7 

EMT-CU-3 30.8 200 126.3 110.1 1.6 110.4 82.4 103.4 20.2 152.1 

EMT-CU-4 32.9 50 35.7 29.6 0.4 24.2 19.9 25.5 20.1 38.6 

EMT-CU-5 37.4 100 79.0 68.4 0.8 52.0 44.9 58.6 20.1 82.8 

EMT-CU-6 39.2 200 156.0 134.1 0.6 88.7 76.9 105.1 20.9 158.1 

EMT-CU-7 48.3 50 37.6 42.4 1.7 27.0 24.3 34.3 20.1 37.6 

EMT-CU-8 51.7 100 73.3 79.7 0.9 56.1 45.2 65.8 20.1 79.5 

EMT-CU-9 58.6 200 142.2 153.9 0.6 108.1 91.3 138.3 20.2 153.8 

 

The stresses at the peak and steady state conditions for all specimens under 
monotonic tests are shown on a p’-q plot in Figure 4.8. The data fall in a relatively 
narrow band and close to a straight line. Hence, the average slopes of the insta-
bility (IS) line and steady state (SS) line are computed. The IS line is a boundary 
of the failure conditions defined in section 4.7.1. Thus, the IS line is named failure 
line FL in Figure 4.8. 
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Figure 4.7 Undrained monotonic compression response (loose, Dr0 = 20.7%) 
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The slopes of the failure line (Mp) and SS line (Mc) can be computed from linear 
regression analyses on test data results (see Figure 4.8). 

Thus, using regression coefficients Mp and Mc, the effective internal angle of fric-
tion at peak state (φp) and the angle of internal friction at critical state (φc), respec-
tively, of ETP-1 can be computed by:  

 Eq. 4.13 

where Mi = Mp for peak conditions and Mi = Mc for critical state conditions. 
 

 
Figure 4.8 Stress conditions at peak and steady state (all monotonic tests) 
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5 Cyclic triaxial tests 

5.1 Testing programs  
A series of fifteen stress-controlled undrained cyclic triaxial tests on isotropically 
consolidated specimens were conducted for a range of specimen densities, ef-
fective mean stresses, and cyclic stress amplitudes under constant frequency (f 
= 0.5 Hz). The range of density, confining stress and stress amplitude was sys-
tematically related to the ranges in the monotonic test programs so that the cyclic 
and monotonic behaviour can be compared. The testing program is summarized 
in Table 5.1.  

Similar to monotonic tests, the initial conditions (dry density, void ratio & relative 
density) were determined from known measurements of dry mass and volume of 
the specimens as defined in section 4.1. Furthermore, the cyclic stress amplitude, 
qm and the cyclic stress ratio, CSR were defined in section 2.3.2.10 (Eq. 2.5) and 
section 2.3.2.11 (Eq. 2.6), respectively. ECT-CU in Table 5.1, refers to cyclic un-
drained shearing of isotropically consolidated specimens. 

Table 5.1 Undrained cyclic triaxial testing program 
Test 
 

d 
[g/cm³] 

e0 
[-] 

Dr0 
[%] 

 
[kPa] 

qm 

[kPa] 
CSR 
[kPa] 

State of  
compaction  

Purpose of  
tests 

ECT-CU-1 1.49 0.783 51.4 50 50 0.500 Medium  

dense 

Effect of con-
fining stress ECT-CU-2 1.51 0.760 55.3 100 50 0.250 

ECT-CU-3 1.50 0.771 53.4 200 50 0.125 

ECT-CU-4 1.35 0.968 20.7 100 50 0.250 Loose  

 

Effect of den-
sity and 

CSR 
ECT-CU-5 1.35 0.970 20.4 100 75 0.375 

ECT-CU-6 1.35 0.964 21.3 100 100 0.500 

ECT-CU-7 1.35 0.970 20.3 100 150 0.750 

ECT-CU-8 1.39 0.910 30.3 100 50 0.250 

ECT-CU-9 1.39 0.909 30.6 100 75 0.375 

ECT-CU-10 1.39 0.907 30.8 100 100 0.500 

ECT-CU-11 1.39 0.909 30.4 100 150 0.750 

ECT-CU-12 1.47 0.815 46.2 100 50 0.250 Medium 

dense ECT-CU-13 1.47 0.814 46.4 100 75 0.375  

ECT-CU-14 1.47 0.812 46.6 100 100 0.500  

ECT-CU-15 1.47 0.814 46.4 100 150 0.750  

 

5.2 Testing apparatus and measurements  
The cyclic triaxial tests were conducted using a servo pneumatic triaxial testing 
system fitted with connectors for cell water inlets and outlets, cell venting and 
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drainage, and sensors for pore water pressure  and cell pressure measurements. 
The tests were automatically controlled by a modular and multifunctional monitor-
ing and data acquisition software called GEOsys 8.7.8 version 1.1 (Wille Geotech-
nik 2018) with a built-in component able to achieve automatic saturation, consol-
idation and shearing for both static and cyclic loads as follows:  

 The axial load applied to the specimen is measured by a load transducer fixed 
on the top frame and connected to a submersible load cell of 10 kN capacity. 

 Pressures are monitored by a pressure/volume controller (VPC) unit with a 
capacity of 1000 kPa and measured by an automatic pneumatic pressure con-
troller (APC) unit.  

 The volume change of specimens is monitored by an electronic volume meas-
uring apparatus (DP100) developed particularly for the measurement of the 
volume variation of small liquid quantities at a high base pressure of 1000 kPa.  

 The cyclic axial deformation of the sample is measured both through a VPC 
unit and an external linear variable differential transducer (LVDT), which was 
connected directly to the axial piston. The system has a maximum overall elon-
gation of 50 mm. 

 

The cyclic triaxial system used is schematically presented in Figure 5.1. 

 

Figure 5.1 The cyclic triaxial cell unit (schematic) after (Ganal 2023) 
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5.3 Specimen preparation 
The specimen preparations and procedures followed in the cyclic testing are the 
same as described for the monotonic testing (see sections 4.2 and 4.3). Moreo-
ver, the saturation and consolidation of specimens for the cyclic testing were also 
carried out similar to the monotonic testing processes explained in sections 4.4 
and 4.5, respectively. 
 

5.4 Cyclic loading  
The cyclic tests were carried out following the standards of ASMT D5311 and 
ASMT D3999 procedures. ASTM D5311 suggests the use of f = 0.1 Hz to f = 
2.0 Hz frequency ranges for cohesionless free-draining soils of relatively high per-
meability while ASTM3999 specifies f = 0.5 Hz to f = 1.0 Hz frequency for fine-
grained and coarse-grained soils as defined by the unified soil classification sys-
tem. ASTM D5311 standard is used to determine the cyclic strength of a soil spec-
imen and ASTM D3999 standard is used to determine the modulus and damping 
properties of soil.  

Therefore, in all the tests, a constant relatively low frequency of f = 0.5 Hz was 
used so that uniform pore water pressure development inside the silty sand spec-
imens (ETP-1) can be achieved. By defining a suitable time step, Δt, 60 to 100 
data points per cycle were recorded. The number of loading cycles was initialized 
with Nc = 100,000 to monitor the number of cycles needed for the initial liquefac-
tion state to occur or excess strains to develop. Also,  marks the end of 
the consolidation stage and the start of cyclic loading (see Figure 5.2). 

Using the input parameters f, Δt, Nc,  and , the modular GEOsys data 
acquisition controls the cyclic testing. During the testing, the specimen is loaded 
axially by a cyclic actuator that applies a uniform sinusoidal load defined by the 
input parameters until the axial deformation exceeds the maximum limit of the 
machine (i.e εac ≥ 20%) or to Nc = 100,000 cycles whichever criteria is reached 
earlier.  

 

5.5 Data processing and interpretation of cyclic tests 
5.5.1 Stresses, strains, and pore water pressure changes  
The cyclic axial strain, εac, effective axial stress, Δσ’, mean stress, p / p’, deviatoric 
stress, q, and pore water pressure changes, Δu are computed using Eq. 4.6 to 
Eq. 4.12 in the same way used for interpretation of the monotonic tests. 
 



86 Cyclic triaxial tests 

 

 

 

5.5.2 Cyclic strength (σcyc) 
Using ASTM D5311, the cyclic strength of a specimen loaded under undrained 
conditions is determined by loading until a given failure criterion is reached.  

In this thesis, the ru = 100% condition is considered as failure due to liquefaction 
criterion and is called the initial liquefaction state. I.e., failure due to liquefaction 
is defined as initial liquefaction state at ru = 100% (see section 2.6.2.12, Eq. 2.10). 
Three CRRN definitions, namely, CRR10, CRR15, and CRR20 are used to describe 
the cyclic strength of ETP-1 at initial liquefaction. The cyclic strength ratio CRR15 
at Ncl = 15 uniform cycles is primarily used as an index of the cyclic soil strength. 
However, CRR10 at  Ncl = 10 cycles as used e.g. by Sze & Yang (2014) and CRR20 
at Ncl = 20 cycles as used e.g. by Dash & Sitharam (2011) and Mominul et al. 
(2013) are also considered to investigate the cyclic strength of sample ETP-1 at 
different ranges. These CRRN values are conveniently determined using a cyclic 
strength curve plotted as the data points of CSR and the number of cycles to initial 
liquefaction state Ncl for given initial states of a specimen. The CSR and different 
CRRN definitions using the CSR-Ncl curve are illustrated in Figure 5.2. Once the 
CRRN are determined, the cyclic strength (σcyc) is calculated by: 

  Eq. 5.1 
 

 
Figure 5.2 CSR and CRRN definitions and determination procedure  
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testing program includes two sets of stress-controlled undrained cyclic triaxial 
tests as shown in Table 5.1. One set comprises three tests (ECT-CU-1 to ECT-
CU-3) which were performed with constant cyclic amplitude (qm = 50 kPa) but 
have been isotropically consolidated to three different effective mean stresses (p’0 

= 50 kPa, 100 kPa, and 200 kPa). Thus, cyclic stress ratios have been varied be-
tween CSR = 0.125 and CSR = 0.500 and initial relative densities ranged between 
Dr0 = 51.3 % and Dr0 = 55.3 %. A second set consisted of 12 tests (ECT-CU-4 to 
ECT-CU-15) with varying initial densities and cyclic amplitudes but all isotropically 
consolidated to the effective mean stress of p’0 = 100kPa. The relative density 
was in the range of loose to medium dense while the cyclic stress ratios varied 
between CSR = 0.25 and CSR = 0.75. 

 

5.6.2 Typical cyclic test results  
Typical test results for a specimen initially in medium dense state (ECT-CU-1: p’0 
= 50 kPa; Dr0 = 51.3%) are shown in Figure 5.3 for CSR = 0.5 and Nc = 10. Figure 
5.3(a) and Figure 5.3(b) show the cyclic axial strain and pore water pressure de-
velopment with the number of cycles, respectively. It can be seen that the pore 
water pressure progressively increases until the fifth cycle where the excess pore 
water pressure is equal to the initial effective confining pressure (i.e. ru = 100%) 
marking the failure point due to liquefaction (initial liquefaction state) as indicated 
in Figure 5.3(b)). Figure 5.3(a) shows that although the pore water pressure ac-
cumulated progressively to ru = 100%, the cyclic vertical strain was only about ac 
= 0.62% until the initial liquefaction state. Figure 5.3(c) also shows that the size 
of the hysteresis loops increases with the increasing number of cycles in response 
to the accumulation of the cyclic axial strain. Furthermore, the effective stress 
paths continuously decrease towards p’ = 0 due to pore pressure accumulation. 
However,  it never reached to p’ = 0 because of the anisotropic average stress. 
On the other hand, the effective stress paths intercepted the IS line and SS line 
which were obtained from monotonic tests (Figure 5.3 (d)). Thus, the cyclic flow 
liquefaction behaviour (see section 2.8.2) was observed by ECT-CU-1 specimen.  

A summary of all the cyclic test results is presented in Table 5.2. The responses 
of all other specimens under cyclic testing are presented in Appendix E. The spec-
imens ECT-CU-2 and ECT-CU-3 were not liquefied for the CSR applied.  
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Figure 5.3 Typical cyclic triaxial test responses for specimen ECT-CU-1 
 

Table 5.2 Summary of undrained cyclic test results 
Test 
 

Dr 
[%] 

p'0 
[kPa] 

CSR 
[-] 

Ncl to  
ru=100% 

[-] 

εa, at  
ru=100% 

Applied  
Nc,  

Maximum  
εac 

 [%] [-] [%] 

ECT-CU-1 52.2 50 0.500 5 0.6 1200 20 

ECT-CU-2 56.0 100 0.250 *NLq, ru=65.8% 6611 0.3 

ECT-CU-3 56.3 200 0.125 *NLq, ru=56.4% 31594 0.4 

ECT-CU-4 21.5 100 0.250 855 1.9 33549 20 

ECT-CU-5 20.8 100 0.375 113 6.9 198 20 

ECT-CU-6 21.8 100 0.500 27 6.6 86 20 

ECT-CU-7 21.1 100 0.750 7 5.6 31 20 

ECT-CU-8 30.5 100 0.250 1086 2.7 42201 20 

ECT-CU-9 30.8 100 0.375 229 19.8 236 20 

ECT-CU-10 31.2 100 0.500 68 8.6 251 20 

ECT-CU-11 30.5 100 0.750 19 16.3 23 20 

ECT-CU-12 50.1 100 0.250 22345 5.2 60040 6.4 

ECT-CU-13 46.4 100 0.375 1899 8.4 3417 20 

ECT-CU-14 47.9 100 0.500 962 7.1 1144 20 

ECT-CU-15 46.6 100 0.750 62 10.8 54 20 

* NLq: no-liquefaction occurs, i.e., ru < 100% 
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5.6.3 Effect of effective mean stress (p’) on cyclic response 
The effect of initial effective mean stress on pore pressure generation and the 
corresponding number of cycles to the initial liquefaction state was studied using 
the medium dense specimens (ECT-CU-1, ECT-CU-2, and ECT-CU-3) under a 
constant cyclic amplitude, qm = 50 kPa, but isotropically consolidated to three dif-
ferent effective mean stresses, namely p’0 = 50 kPa, p’0 = 100 kPa and p’0  = 200 
kPa. The number of cycles imposed on the specimens were Nc = 1200, Nc = 6611 
and Nc = 31594, respectively. The test results are summarized in Figure 5.4. The 
pore water pressure ratio decreases with an increase in effective mean stress 
indicating an increase of the cyclic resistance. 

 
Figure 5.4 Effect of effective mean stress, p′ on pore water pressure ratio, ru 
 

5.6.4 Effect of stress amplitude (qcyc) on cyclic response 
Twelve other tests (ECT-CU-4 to ECT-CU-15 in Table 5.1) were carried out with 
the purpose to study the effects of cyclic amplitude and initial relative density on 
cyclic behaviour and liquefaction potential by measuring the pore pressure accu-
mulation and the corresponding number of cycles to initial liquefaction. The effect 
of cyclic amplitude was studied by varying qm = 50 kPa to qm = 150 kPa on iso-
tropically consolidated specimens with effective mean stress of p’0  = 100 kPa 
(i.e., CSR = 0.25 to 0.75) for different densities. 

Figure 5.5 presents the number of cycles to initial liquefaction state (Ncl) corre-
sponding to the respective cyclic stress ratio (CSR), for tests ECT-CU-4, ECT-
CU-5, ECT-CU-6 and ECT-CU-7 (loose state, Dr0 = 20.7%) on the tested cyclic 
amplitude ranges (CSR = 0.25 to CSR = 0.75). From Figure 5.5, it is evident that 
the number of cycles required to initial liquefaction state (Ncl) increases with a 
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decrease in cyclic stress ratio (CSR). Furthermore, it was also observed that ad-
ditional undrained loading beyond the initial liquefaction state caused a slight in-
crease in ru while the deformation increased until SS conditions which is a typical 
cyclic flow behaviour (section 2.8.2).  

 
Figure 5.5 Effect of CSR on initial liquefaction state (loose: Dr0 = 20.7%) 
 

Similar responses were measured on loose specimens initially prepared at aver-
age Dr0 = 30.3% (ECT-CU-8, ECT-CU-9, ECT-CU-10, and ECT-CU-11) for the 
same cyclic amplitudes (CSR = 0.25 to CSR = 0.75) and same effective mean 
stress of p’0 = 100 kPa. Figure 5.6 summarizes the responses of tests ECT-CU-
8, ECT-CU-9, ECT-CU-10, and ECT-CU-11 in a cyclic resistance plot. 

 
Figure 5.6 Effect of CSR on initial liquefaction state (loose: Dr0 = 30.3%) 
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The effect of CSR on initially medium dense specimens was studied using the 
specimens ECT-CU-12 to ECT-CU-15 (Table 5.1). Compared to the specimens 
initially prepared at loose state, the medium dense state specimens (average Dr0 

= 46.4%), reached the initial liquefaction state (i.e., ru =100%) for the tested CSR 
= 0.25 to CSR = 0.75 ranges at higher number of cycles (Figure 5.7).  

 
Figure 5.7      Effect of CSR on initial liquefaction state (medium dense: Dr0 = 

46.4%) 
 

Similar to the initially loose state specimens, an increase in undrained loading 
beyond the initial liquefaction state caused a fairly constant value of pore pressure 
while the deformation was increasing to the steady state revealing typical cyclic 
flow liquefaction behaviour. All the effective stress paths derived from the tests 
intersected the SS lines (see Appendix E).  

In general, as summarized in Table 5.2 all specimens prepared at initially loose 
state (Dr0 = 20.7 % and Dr0 = 30.3 %) and medium dense states (Dr = 46.4 %) 
showed initial liquefaction state (ru = 100%) within the tested ranges (CSR = 0.25 
to CSR = 0.75). However, the magnitudes of pore pressure generation, cyclic ax-
ial strain level, and reduction of effective stress both pre- and post-the initial liq-
uefaction state stages were different (Appendix E). For all loose state specimens, 
it was observed that additional undrained loading after the initial liquefaction state 
caused the pore water pressure to slightly increase and then reach an approxi-
mately constant value. However, specimens initially in a medium dense state un-
der low cyclic amplitude (CSR = 0.25) exhibited lower cyclic deformation even 
after the initial liquefaction state. Yet, with an increase in CSR, even the medium 
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dense samples showed an increase in the cyclic axial strain values (see Table 
5.2). Moreover, compared with the loose state, the medium dense specimens 
reached the initial liquefaction state at a larger number of cycles for the tested 
ranges.  

Figure 5.8 shows the cyclic resistance plot containing data of all twelve undrained 
cyclic loading tests (Table 5.2). In Figure 5.8, it can be observed that with an 
increase in cyclic amplitude (hence, CSR), the resistance decreases, i.e. less cy-
cles are required until the initial liquefaction.  

 
Figure 5.8 Summary of the effect of CSR and Dr on initial liquefaction  
 

5.6.5 Effect of initial density (initial Dr) on cyclic responses 
Figure 5.9 presents the effect of relative density (initial density of specimens) on 
the initial liquefaction state for each CSR level. From the relationship between the 
relative density, Dr and the number of cycles required for initial liquefaction, Ncl, 
the well-known increase of the liquefaction resistance with the increasing density 
of the specimens is evident. The number of cycles required to initial liquefaction, 
Ncl increases with increasing relative density, Dr for all cyclic stress ratios, CSR 
examined. For the same CSR, denser specimens required a larger number of 
cycles to initial liquefaction state compared to specimens with lower density. 
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Figure 5.9 Effect of relative density (Dr) on initial liquefaction 
 

5.6.6 Cyclic strength  
In this work, the cyclic resistance ratio, CRRN is defined as the cyclic stress ratio, 
CSR required to cause initial liquefaction state at Ncl = 10, Ncl = 15, and Ncl = 20, 
respectively, as discussed in section 5.5.2. and described in Figure 5.2. The 
CRRN values computed for the three criteria are summarized in Table 5.3 for all 
the test data.  

Table 5.3 Summary of CRRN depending on the relative density 
Dr0 
[%] 

Cyclic resistance ratio (CRRN) 

CRR10 
[-] 

CRR15 
[-] 

CRR20 
[-] 

20.4 - 21.3 0.66 0.60 0.56 

30.3 - 30.8 0.87 0.78 0.72 

46.1 - 46.6 1.08 1.00 0.95 

 

Using the CRRN values summarized in Table 5.3, the cyclic strength is calculated 
with Eq. 5.1 and evaluated for the three criteria Ncl = 10, Ncl = 15, and Ncl = 20, 
respectively. The cyclic strengths at different initial densities, Dr0 and for the three 
CRRN definitions are summarized in Table 5.4. Figure 5.10 is the plot of the cyclic 
resistances for the different relative densities and CRRN definitions. For every 
definition, the cyclic resistance increased with the increase in Dr0. For the same 
Dr0, the increase in the number of cycles required to liquefy (ru = 100%), causes 
a decrease in the cyclic resistance. Thus, the cyclic resistance of the same spec-
imen tested under the same testing conditions shows different resistance values 
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depending on the CRRN definition used. However, the resistance curves are well 
captured by a power function concurring with the established CRRN function de-
fined by Eq. 2.13 (see section 2.12.2.2).  

Table 5.4 Summary of cyclic strength (σcyc) values for different densities 
 
Dr0 
[%] 

Cyclic strength (σcyc) 

CRR10 
[kPa] 

CRR15 
[kPa] 

CRR20 
[kPa] 

20.4 - 21.3 132.1 120.6 113.1 

30.3 - 30.8 173.6 155.7 144.1 

46.1 - 46.6 216.5 200.5 189.8 

 

 
Figure 5.10 Cyclic resistance curves for different densities 
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5.7 Evaluation of liquefaction potential: the simplified procedure 
The simplified procedure discussed in section 2.12.3 was used to evaluate the 
liquefaction potential of sample ETP-1 using cyclic triaxial test results. The intent 
is to evaluate the liquefaction resistance from the experimental results following 
the procedures in section 2.12.2.2 and then to evaluate the liquefaction potential 
by using Eq. 2.23.  

The equivalent in-situ cyclic resistance, CRRN,field was estimated using Eq. 2.17 
with the CRRN values obtained from the isotropically consolidated cyclic triaxial 
tests. Table 5.5 summarizes the liquefaction resistances for the initial relative den-
sity, Dr0 and CRRN definitions expressed in terms of the safety factor against liq-
uefaction, FSL. It is to be noted that the FSL values in Table 5.5 have been eval-
uated for an earthquake of magnitude Mw = 7.5 (MSF = 1.0) acting on level ground 
(Kσ = Kα =1.0).  

 

Table 5.5 Comparison of Factors of Safety for different Dr0 
Dr0  
[%] 

CSR 

[-] 
CRR10 

[-] 
FSL,10 

[-] 
CRR15 

[-] 
FSL,15 

[-] 
CRR20 

[-] 
FSL,20 

[-] 

20.7 

0.250 

0.59 

2.38 

0.54 

2.16 

0.51 

2.02 
0.375 1.58 1.44 1.34 
0.500 1.19 1.08 1.01 
0.750 0.79 0.72 0.68 

30.3 

0.250 

0.78 

3.13 

0.70 

2.81 

0.65 

2.59 
0.375 2.09 1.87 1.73 
0.500 1.57 1.40 1.30 
0.750 1.04 0.94 0.86 

46.4 

0.250 

0.97 

3.89 

0.90 

3.60 

0.85 

3.42 
0.375 2.59 2.40 2.28 
0.500 1.94 1.80 1.71 
0.750 1.30 1.20 1.14 

 

The plots in Figure 5.11 to Figure 5.13 show the safety factors for the three CRRN 
criteria and the three different initial densities tested (Table 5.3). The FSL were 
computed using Eq. 2.23 considering the different loading characteristics (CSR = 
0.25 to CSR = 0.75) for CRR10 (Figure 5.11), CRR15 (Figure 5.12) and CRR20 

(Figure 5.13). Also, the limiting safety factor, FSL = 1.5, suggested for differenti-
ating between liquefiable and non-liquifiable conditions (Youd et al. 2001) is plot-
ted to evaluate the vulnerability of each CSR level.  
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Figure 5.11 Variation FSL for CRR10 criteria 
 

 
Figure 5.12 Variation FSL for CRR15 criteria 
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Figure 5.13 Variation of FSL for CRR20 criteria 
 

Figure 5.11 to Figure 5.13 show, for all CRRN definitions, that the FSL decreased 
with an increase in CSR values. The limiting safety factor of FSL =1.5 was not met 
at CSR ≥ 0.39 for specimens of Dr0 = 20.7 %, at CSR ≥ 0.52 for specimens of Dr0 

= 30.3 %, and at CSR ≥ 0.65 for specimens of Dr0 = 46.4 %, respectively, using 
the CRR10 criteria. Using the CRR15 criteria, the limiting safety factor was not met 
at CSR ≥ 0.36, CSR ≥ 0.47 and CSR ≥ 0.60 while for the CRR20 criteria, FSL =1.5 
was not met at CSR ≥ 0.34, CSR ≥ 0.43, CSR ≥ 0.57, respectively, for Dr0 = 20.7 
%, Dr0 = 30.3 % and Dr0 = 46.4 %. 

 

5.8 Cyclic pore pressure accumulation 
The pore pressure accumulations from all the tested specimens were plotted fol-
lowing the procedures described in section 2.12.4. The experimental pore pres-
sure responses are presented in Figure 5.14 where the pore water pressure ratio, 
ru is plotted against the cycle ratio, Nc/Ncl for all the specimens tested along with 
the models suggested by Lee & Albaisa (1974) and Seed et al. (1976) for clean 
sands. 
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Figure 5.14 Typical pore water pressure responses for tested specimens 
 

It can be seen in Figure 5.14 that the pore pressure responses in all specimens 
deviated from the upper and lower bound values suggested by Lee & Albaisa 
(1974) and the average values by Seed et al. (1976). All test results obtained from 
the cyclic triaxial tests under various CSR values showed faster pore water pres-
sure accumulation than the proposed models partly due to the initial anisotropic 
stress conditions during the shearing. However, similar responses deviating from 
the proposed models were also documented in the literature for sand-fine mix-
tures compared utilizing test results. For instance, the comparison of pore pres-
sure responses of sand-silt mixtures by Dash & Sitharam (2009) and Porcino & 
Diano (2016) with the proposed Lee & Albaisa (1974) and Seed et al. (1976) using 
cyclic tests showed deviations similar to the current results. 

Thus, it can be inferred that the pore water pressure accumulation model sug-
gested by Seed et al. (1976) and the upper and lower bound limits by Lee & 
Albaisa (1974) underestimate the pore water pressure  generation in silty sands. 
Hence, the pore water pressure accumulation of silty sand cannot be realistically 
predicted with the models by Seed et al. (1976) and Lee & Albaisa (1974).
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6 Numerical constitutive model and calibration of parameters   

6.1 Introduction  
Numerical approaches such as the finite element method (FEM) are extensively 
used to solve geotechnical problems. Thus, evaluation of the cyclic behaviour and 
liquefaction of soil using numerical methods is also applied more frequently. In-
variably, such numerical simulations require advanced constitutive models for a 
realistic representation of the soil behaviour considering continuously changing 
soil properties. 

For this thesis, the numerical simulations have been carried out with the Finite 
Element code Tochnog professional (Tochnog Professional Company 2021) ap-
plying the program GID v15.0 (CIMNE 2021) for pre-and post-processing. The 
material behaviour of the soil has been modelled based on the concept of hypo-
plasticity. 

The hypoplastic model for granular materials of von Wolffersdorff (1996) performs 
reasonably under monotonic loading. However, while the model has performed 
well for deformations e.g. due to rearrangements of the grain skeleton, its appli-
cation to cyclic stresses or deformations with small amplitude reveals some limi-
tations (Niemunis 2003). It specifically leads to excessive accumulation of defor-
mations for small stress cycles, an effect known as ratcheting and shown in Figure 
6.1 (Niemunis & Herle 1997; Mašín 2015). Also, in undrained cyclic shearing, the 
model predicts a too large build-up of pore pressure and neither the small strain 
stiffness nor effects of recent history have been considered (Niemunis & Herle 
1997). Thus, Niemunis & Herle (1997) extended the model to improve the pre-
dicted behaviour during stress or strain reversals and developed the intergranular 
strain extension model. 

In this thesis, a combination of the basic hypoplastic model by von Wolffersdorff 
(1996), the intergranular strain concept by Niemunis & Herle (1997) with a modi-
fication by Wegener & Herle (2014) and the intergranular strain anisotropy (ISA) 
extension by Poblete et al. (2016) implemented in FE code Tochnog (Tochnog 
Professional Company 2021) were used for the numerical calculations and are 
briefly described hereunder. 
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Figure 6.1 Ratcheting effects after Niemunis & Herle (1997)  

 

6.2 The hypoplastic model 
6.2.1 Basic formulation  
The first version of the hypoplastic constitutive law was proposed by Kolymbas 
(1985) using a single state variable (Cauchy stress tensor, T). Later the void ratio, 
e was added as another state variable and the hypoplastic constitutive equation 
got the general form (Bauer 1996; Herle & Gudehus 1999):  

 Eq. 6.1 

where = Cauchy stress rate tensor; e = void ratio;  = Cauchy stress tensor; D 

= stretching tensor; ||D|| =  = Euclidian norm of the stretching tensor. 

The first part of Eq. 6.1 is linear in D to represent the particular case 
where the soil behaviour is hypoelastic while the second part  is non-
linear in D (Bauer 1996).  

The hypoplastic model by von Wolffersdorff (1996) is defined by: 

  Eq. 6.2 

where  stress ratio tensor; fd, fe = pycnotropy (density dependent) factors; fb = 
barotropy (pressure dependent) factor; ,  = factors that determine the surface 
of the critical state in stress space; = deviatoric part of the tensor , defined as:  

 Eq. 6.3 

  Eq. 6.4 

where I = unit tensor. 

(b)      Excessive strain(a)     Excessive stress
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The factor  is determined from the friction angle, φc at critical state defined by: 

 
Eq. 6.5 

The factor  is a function of  and it is defined by: 

 Eq. 6.6 

with   

  Eq. 6.7 

 
Eq. 6.8 

6.2.2 Model parameters  
Three characteristic void ratios and corresponding mean pressures during com-
pression are related by Eq. 6.9 to define the hypoplastic law by von Wolffersdorff 
(1996). It was proposed by Bauer (1996) to describe the void ratio at high and low 
pressures. 

 Eq. 6.9 

where ec0 = critical void ratio; ei0 = void ratio in the loosest state; ed0 = minimal 
void ratio; ec0, ei0, ed0 = limiting void ratio values for zero pressure;  = granular 
stiffness;  = exponent. 

The pressure dependence of the various void ratios is demonstrated in Figure 
6.2. 

 

Figure 6.2 Pressure-dependent void ratios after Herle & Gudehus (1999)   

The void ratios reach limit values ei0, ec0, and ed0 at vanishing effective mean 
stress, and they approach zero for very high mean stress (Figure 6.2). 

(a)  Log scale                                               (b)  Linear scale
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The transition from peak to the critical state and the dilative behaviour is controlled 
by fd and is defined by: 

 Eq. 6.10 

By definition, the critical state is reached when fd = 1. 

The parameter fe controls the influence of the void ratio (e) on the incremental 
stiffness and is defined by:  

  Eq. 6.11 

The parameter fb takes into account the increase of stiffness with increasing mean 
stress and is defined by: 

 
Eq. 6.12 

where α, β = material constants. 

Thus, the von Wolffersdorff (1996) hypoplastic model has eight parameters: gran-
ular stiffness , critical friction angle, φc, three limiting void ratios at zero pressure 
ec0, ed0, ei0 and the exponents , α, and β. The parameters  and  control the 
shape of the limiting void ratio curves (normal compression and critical state 
lines); ed0, ec0, and ei0 are reference void ratios specifying positions of the limiting 
void ratio curves; α controls the dependency of peak friction angle on relative 
density while β controls the dependency of stiffness on relative density. 
 

6.2.3 Calibration of model parameters 
Calibration methods of hypoplastic parameters are discussed in different publica-
tions (e.g. Bauer (1996); Wolffersdorff (1996); Herle & Gudehus (1999)). The 
method included in this thesis is mainly based on the publication by Herle & Gude-
hus (1999). 

In general, the eight parameters of the hypoplastic law by Wolffersdorff (1996) 
can be determined from the tests summarized in Table 6.1.  
 

 

 

 

 

 

 

 



Numerical constitutive model and calibration of parameters 103 
 

 

 

Table 6.1 Hypoplastic model parameters after Herle & Gudehus (1998) 
Parameter Description Required tests 

 critical friction angle shear tests or angle of repose 

 granular stiffness oedometric test on initially 
loose sample  exponent  

ec0 critical void ratio at zero pressure 

ed0 minimum void ratio at zero pressure maximum density test 

ei0 maximum void ratio at zero pressure minimum density test 

α exponent drained triaxial shear test on 
initially dense sample or two 
oedometric tests with different 
initial densities at same stress. 

β exponent 

 

6.3 The intergranular strain extension  
6.3.1 Model formulation 
Considering an element of a granular soil for which the strain rate D describes its 
deformation, the strain is a result of (i) deformation of the intergranular interface 
layer and (ii) rearrangement of the skeleton (Niemunis & Herle 1997). The inter-
face deformation is called intergranular strain ( ) and is considered as a new state 
variable. Niemunis & Herle (1997) assumed that the effect of intergranular strain 
is the deformation that occurs in the interface between soil particles within the 
grain skeleton as shown in Figure 6.3 for 1-D analysis. 

 

Figure 6.3 1-D interpretation of the intergranular strain after Niemunis & 
Herle (1997) 

 

The mechanism in Figure 6.3 is described by Niemunis & Herle (1997) as follows: 
“starting from the undeformed state of Figure 6.3(a), intergranular strain increases 
to maximum value  = -R (Figure 6.3(b)) which cannot be surpassed by further 
stretching and the interface remains deformed while the grains are sliding (rear-
rangement of grains). Upon stretch reversal (Figure 6.3(c)), initially  holds its 
maximum value and direction. Then, the deformation concentrates in the interface 
alone until  = 0 (Figure 6.3(d)). Finally,  reaches the limit  = R on the opposite 

(a) (b)                          (c)                            (d)                           (e)
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side (Figure 6.3(e)), and the soil stiffness decreases and reaches the typical mag-
nitude for monotonic loading at εSOM (SOM stands for sweep out memory)”. For εa 
> εSOM, the intergranular strain remains constant at  = R, where R denotes the 
limiting maximum intergranular strain. 

Niemunis & Herle (1997) formulated the basic equation of the hypoplastic model 
with the intergranular strain extension as: 

 Eq. 6.13 

where M = fourth-order tensorial stiffness and is calculated by 

 Eq. 6.14 

with  

 Eq. 6.15 

where  = rate of the intergranular strain tensor ;  mT, mR, = scalar multipliers 

(model parameters); ρ = the intergranular strains normalized by R and  = direc-
tion of the intergranular strains.  

 and  are defined by: 

 Eq. 6.16 

 Eq. 6.17 

Figure 6.4 shows the stiffness degradation with strain reversals and modifications. 

 
Figure 6.4 Stiffness in the intergranular strain concept after Niemunis & Herle 

(1997) 

(b)        Modification of stiffness by mR and mT(a)         Stiffness variation with strain reversals

ƐSOM

R
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During cyclic loading, there is an accumulation of volumetric strains under drained 
conditions or excess pore pressures under undrained conditions. This induces an 
irreversible rearrangement of the grain skeleton that consequently results in open 
hysteretic loops with permanent displacements or excess pore pressure accumu-
lation (Wegener & Herle 2014).  

Wegener & Herle (2014) indicated that this effect is controlled by the term  
in Eq. 6.14 and produces a higher (hypoplastic) stiffness during ‘unloading’ com-
pared with the stiffness during ‘reloading’. Thus, in order to improve the accumu-
lation effects, Wegener & Herle (2014) modified Eq. 6.14 introducing a new model 
parameter : 

 Eq. 6.18 

Wegener & Herle (2014) explained that when considering ϑ >  in the modified 
constitutive model in the range of  > 0, the stiffness during ‘loading’ is slightly 
higher and the stiffness during ‘unloading’ slightly lower compared with the origi-
nal model. Furthermore, in the range of small and medium shear strains, it is pos-
sible to obtain significantly lower accumulations of permanent displacements and 
excess pore pressures in the modified model with ϑ >  than in the original where 
ϑ = . 

Thus, the intergranular strain extension requires six additional parameters which 
are summarized in Table 6.2.  Figure 6.5 shows the ratcheting effect resulting 
from the basic formulation of the hypoplastic model and the correction of the effect 
by means of the intergranular strain concept (Niemunis & Herle 1997). 

 
Figure 6.5 Comparison of cyclic responses after Niemunis & Herle (1997) 

 

(a)     Hypoplastic reference model (b)     Extended hypoplastic model
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6.3.2 Calibration of additional model parameters 
Detailed calibration procedures for the intergranular strain extension model are 
discussed by Niemunis & Herle (1997) and Mašín (2015). Summary procedures 
are outlined in Table 6.2. 

 

Table 6.2 Intergranular strain model parameters after Niemunis & Herle 
(1997)  

Parameter Description Test or procedure for calibration 

 maximum value of intergranular strain 
dynamic or static tests with strain re-
versals 

mR 
controls the initial shear modulus upon 
1800 strain path reversal 

series of strain-controlled tests with 
constant strain rate starting from 
given stress and void ratio but pre-
ceded by different recent deformation 
histories

mT 
controls the initial shear modulus upon 900 
strain path reversal 

  
controls the rate of degradation of the stiff-
ness with strain 

calibrated by means of a parametric 
study that fits the stiffness degrada-
tiβr controls the rate of degradation of the stiff-

ness with strain 

calibrated by means of a parametric 
study that fits the stiffness degrada-
tion curve obtained using accurate lo-
cal strain measurements (such as 
bender element tests) or undrained 
c clic tests

ϑ controls the accumulation of permanent de-
formations or pore pressures 

 

6.4 The ISA-plasticity model 
6.4.1 Model formulation 
The Intergranular Strain Anisotropy (ISA) refers to a formulation that allows ex-
tending existing hypoplastic models. Similar to the original intergranular strain 
concept by Niemunis and Herle (1996), the ISA allows to couple existing hypo-
plastic relations to extend their capabilities for cyclic loading. The model enables 
the simulation of small strain effects, such as the increase of stiffness and the 
reduction of the plastic accumulation under repetitive loops.  

The detailed discussion and formulation of the ISA-plasticity model can be found 
in Fuentes & Triantafyllidis (2015) and Poblete et al. (2016). A brief description of 
the model, as implemented in the code Tochnog (Tochnog Professional Company 
2021), is described in this section. The descriptions and definitions are mainly 
adopted from the work by Poblete et al. (2016).  
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The ISA formulation has been proposed by incorporating scalar functions into the 
hypoplastic and intergranular strain formulations (see section 6.2.1 and section 
6.3.1) as follows: 

 Eq. 6.19 

where  = ‘‘mobilized’’ stiffness tensor;  = strain rate tensor;  ‘‘mobilized’’ 
plastic strain rate; ,  = scalar functions.  

With 

 Eq. 6.20 

 Eq. 6.21 

 Eq. 6.22 

Eq. 6.23 
where  = the flow rule;  material parameters ( see Eq. 6.14) 

The ISA model is enhanced to capture the plastic accumulation for a larger num-
ber of cycles with an additional state variable . This variable is able to distin-
guish between consecutive cycles or non-consecutive cycles according to: 

 Eq. 6.24 

where  new material parameter controlling the rate of Ɛacc and  

In the ISA model,  is dependent on Ɛacc and the interpolation function is proposed 
by Poblete et al. (2016) to increase  between the values : 

 Eq. 6.25 

where  and = material parameters (boundaries for ). 

Thus, the  is the material constant in the intergranular strain model and the two 
additional parameters,  and  are calibrated through cyclic undrained triaxial 
test results. 

 

6.5 Calibration of model parameters  
6.5.1 Calibration of hypoplastic parameters  
6.5.1.1 Critical state friction angle (φc) 
The critical friction angle, φc can be approximated from the angle of repose of dry 
granular material and corresponds well to the measurement of φc in shear tests 
(Herle & Gudehus 1999). For silty soils and materials with grain sizes < 0.1mm, 
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φc determined by the measurement of the angle of repose is unsuitable due to 
capillary effects (Herle & Gudehus 1999). For such soils, however, the hypoplastic 
model may still be adequate and shear tests are required to determine φc. 

Hence, to determine the critical state friction angle, φc for sample ETP-1, the mon-
otonic drained and undrained triaxial test results discussed in section 4.8 were 
used (Figure 4.8). Using Eq. 4.15 and Eq. 4.16, the internal friction angle at the 
critical state was computed as φc = 31.7°.  
 

6.5.1.2 Limiting void ratios (ec0, ed0, ei0) 
The void ratios ec0 and ed0 can be approximated by the values of the maximum 
and minimum void ratios, respectively, obtained from laboratory index tests (Herle 
& Gudehus 1999):  

  Eq. 6.26 

  Eq. 6.27 

Using idealized loosest packing of spherical particles, Herle & Gudehus (1999) 
suggested the following approximation for ei0: 

  Eq. 6.28 

The limiting void ratio parameters for ETP-1 established from index test results in 
section 3.3.3 are summarized in Table 6.3. 

Table 6.3 Summary limiting void ratio parameters for sample ETP-1 
ec0 
[-] 

ed0 
[-] 

ei0 
[-] 

1.093 0.491 1.312 

 

6.5.1.3 Granular stiffness ( ) and exponent ( ) 
The parameters  and  describe the material stiffness and can be determined 
by performing an isotropic compression test or an oedometric test approximating 
the coefficient of lateral earth pressure K0, for example, by means of Jaky’s ex-
pression (Herle & Gudehus 1999):  

  Eq. 6.29 

In this thesis, the latter is adopted to calibrate the stiffness parameters  and  
following the procedures elaborated by Herle & Gudehus (1999) and Mašín 
(2015). The exponent, n is calibrated considering a range of mean pressures p1 
to p2 with corresponding void ratios ep1 and ep2. Hence,  is computed by:  
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 Eq. 6.30 

where  = mean stress; Cc = compression index in an oedometric test (see 
Figure 6.6) calculated by: 

 Eq. 6.31 

where  = vertical compressive stress applied during oedometric test related 
to  by: 

 Eq. 6.32 

The granular stiffness,  is computed as: 

 Eq. 6.33 

 
Figure 6.6 Determination of  and   

 
To investigate the compressibility behaviour of ETP-1, oedometric tests on recon-
stituted specimens of different initial densities have been carried out using the 
Casagrande incremental oedometric procedure with a specimen mold of diameter 
of 70 mm and thickness 20 mm. Six tests were performed on specimens with 
initial void ratios in a range of e0 = 0.661 to e0 = 1.093 (Table 6.4). For all the tests, 
the mold with specimen was soaked under water so that it remains saturated dur-
ing the testing period. At the end of each test the water content was determined. 

 

 

(a) After Herle & Gudehus (1998) (b) After Mašín (2015)
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Table 6.4 Oedometric testing program on sample ETP-1 
Test d 

[g/cm³] 
e0 
[-] 

Dr0 
[%] 

 
[kPa] 

 
[kPa] State of compaction 

EOD-1 1.27 1.092 0.0 

6.25 - 800.00 800.0 - 12.5 

Very loose 

EOD-2 1.27 1.091 0.2 Very loose 

EOD-3 1.33 0.981 15.8 Loose 

EOD-4 1.47 0.810 47.0 Medium dense 

EOD-5 1.50 0.771 53.4 Medium dense 

EOD-6 1.60 0.661 71.8 Dense 
 

For all tests, a constant successive doubling vertical stress increment was applied 
during the loading starting from an initial value of  = 6.25 kPa to  = 800.00 kPa. 
During unloading, a constant one-fourth of the preceding stress level was applied 
subsequently till  = 12.5 kPa. Test results are summarized in Table 6.5 and the 
responses are presented in Appendix F. 
 

Table 6.5 Oedometric test results for sample ETP-1 
Test Loading Unloading W 

[%] 
Cc 

[-] Ɛ1 
[%] 

 
[-] 

Ɛ1 
[%] 

 
[-] 

EOD-1 19.1 0.688 18.7 0.696 14.4 0.156 

EOD-2 18.7 0.698 18.4 0.705 14.9 0.148 

EOD-3 18.0 0.642 17.6 0.650 15.1 0.160 

EOD-4 17.3 0.515 17.1 0.517 15.7 0.126 

EOD-5 16.8 0.474 16.4 0.481 14.0 0.147 

EOD-6 14.1 0.428 13.6 0.435 15.0 0.112 
 

Oedometric tests on specimens initially in very loose state (EOD-1 & EOD-2) with 
an initial void ratio close to emax have been used to determine the parameters  
and  by means of Eq. 6.30 and Eq. 6.33, respectively. The results for various 
stress ranges p1 – p2 are summarized in Table 6.6. 
 

Table 6.6 Parameters  and  derived for different stress range  
p range 
[kPa] 

Trial 
[-] 

p1 
[kPa] 

p2 
[kPa] 

e1 
[-] 

e2 
[-] 

cc1 
[-] 

cc2 
[-] 

 
[-] 

 
[kPa] 

5 - 200 T1 5.9 93.8 1.066 0.806 0.051 0.071 0.22 2813 

5 - 400 T2 5.9 187.7 1.066 0.756 0.051 0.073 0.20 17492 

5 - 800 T3 5.9 375.4 1.066 0.709 0.051 0.062 0.15 9021 
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The comparisons of the results for tests EOD-1 and EOD-2 with the calibration 
results summarized in Table 6.6 are shown in Figure 6.7. It is to be noted that the 
void ratio ec0 in Eq. 6.9 was adjusted to eco = 1.32 until the curves reasonably fit 
to the test results in the initial phase of the tests. 

 

Figure 6.7 Oedometric test responses and calibration for tests EOD-1 and 
EOD-2  

 

It is recommended that the parameters  and  are determined for a particular 
stress range of interest because their values may change for high-stress ranges 
due to grain crushing (Herle & Gudehus 1999; Mašín 2015). As can be seen from 
Figure 6.7, a reasonable agreement of measured and calculated results is 
reached with the three trials for the stress range up to 800 kPa. Thus, considering 
the mean stress ranges for the current thesis,  = 0.20 and  = 17492 kPa were 
adopted for the initial numerical simulations.  
 

6.5.1.4 Exponents α and β 
The parameter α controls the dependency of peak friction angle, on void ratio, 
e and is calibrated using: 

 
Eq. 6.34 

with  

  Eq. 6.35 

(a) Linear scale (b) Log scale
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  Eq. 6.36 

  Eq. 6.37 

 Eq. 6.38 

  Eq. 6.39 

 

The values derived from the drained monotonic compression triaxial tests used 
for the calculation of α are listed in Table 6.7 (see section 4.8.1). From the results, 
α = 0.05 is selected considering the mean effective stress, po’= 100 kPa used in 
several tests of the current thesis.  
 

Table 6.7 Summary of parameters from drained monotonic tests on ETP-1 
Test e 

[-] 

 

[kPa] 

 

[kPa] 

re 

[-] 

 

[0] 

  

[-] 

 

[-] 

 

[0] 

α 

[-] 
EMT-CD-1 0.568 182.8 50 0.128 32.4 3.31 0.023 31.9 0.03 

EMT-CD-2 0.550 340.6 100 0.098 32.0 3.25 0.038 31.3 0.05 

EMT-CD-3 0.546 617.3 200 0.091 29.9 2.99 0.044 29.1 0.06 
 

The parameter β influences the size of the response envelope (Eq. 6.11 and Eq. 
6.12). It can be derived from the results of two oedometric tests with different initial 
soil densities but at the same pressures using:  
 

 Eq. 6.40 

with   

  Eq. 6.41 

  Eq. 6.42 

  Eq. 6.43 

 Eq. 6.44 
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For the calibration of the parameter β, the oedometric responses of EDO-3 and 
EOD-6 were used (Table 6.5). Using the summary data in Table 6.8 and Eq. 6.40, 
β = 0.8 is calculated. 
 

Table 6.8 Summary computation of parameter β for ETP-1 
Test ei  ε1 Es K0i mi ni fd β 

[-] [-] [kPa] [-] [MPa] [-] [-] [-] [-] 
EOD-3 0.734 200 0.132 1.52 0.62 15.79 11.43 0.991 

 
EOD-6 0.496 200 0.099 2.01 0.45 14.93 11.10 0.952 

 

6.5.2 Back analyses and parametric studies 
6.5.2.1 General 
The consistency of the calibrated hypoplastic parameters was evaluated by sim-
ulating oedometric and monotonic triaxial tests as element tests. These simula-
tions were also important for re-calibrations of some of the parameters; e.g. the 
calibrations of α and β where a simulation of triaxial tests is emphasized by Mašín 
(2015). The parameters for the basic hypoplastic model used in the numerical 
simulations are summarized in Table 6.9. The load and boundary conditions in 
the numerical simulations are depicted in Figure 6.8. 

Table 6.9 Parameters of the basic hypoplastic model for sample ETP-1 
φc 
[0] 

ed0 
[-] 

ec0 
[-] 

ei0 
[-] 

 
[kPa] 

 
[-] 

α 
[-] 

β 
[-] 

31.7 0.491 1.320 1.584 17492 0.20 0.05 0.8 

 

 

Figure 6.8 Boundary conditions in the numerical simulations of element tests 
 

6.5.2.2 Simulation of oedometric tests  
In the oedometric test (Figure 6.8(a)) the loading is applied by increasing the axial 
stress from σa = 6.25 kPa to σa = 800 kPa and then unloading to σa = 12.5 kPa in 

(a) Oedometric  (b) Drained MT (c)    Undrained MT (d)    Undrained CT 

MT: monotonic triaxial test CT: cyclic triaxial tests
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a similar manner as in the testing procedure. Figure 6.9 shows the oedometric 
responses of EOD-1 and EOD-2. The calculated responses slightly deviate from 
the measurements with an increase in the axial stress but are considered ac-
ceptable taking into account the mean stress ranges in the current thesis. 

 

 
Figure 6.9 Comparison of responses of oedometric tests 

 

6.5.2.3 Simulation of drained triaxial tests  
The drained triaxial compression tests (Figure 6.8(b)) carried out on dense spec-
imens (section 4.8.1) were performed under strain-controlled conditions with a 
constant displacement rate of  = 0.005 mm/min. The responses from the exper-
imental and numerical simulation of the drained triaxial compression tests per-
formed on dense specimens are depicted in Figure 6.10. The simulated peak and 
residual shear strengths slightly deviate from the experimental results. Further-
more, with the increase of the effective mean stress, p’0, the calculated peak and 
residual strengths tend to increase. However, the responses show no transition 
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from the peak to the critical state conditions (i.e., low dilatancy) similar to the ex-
perimental results. Also, the simulated initial stiffness, E0 was reasonably cap-
tured.  
 

 

Figure 6.10 Responses of drained triaxial compression 

 

6.5.2.4 Simulation of undrained triaxial tests  
Undrained triaxial compression tests (Figure 6.8(c)) were simulated with a pre-
scribed displacement rate of = 0.005 mm/min corresponding to the strain rate 
during the tests.  

Typical experimental and simulation responses for the loose specimens (Dr0 = 
20.7%) are shown in Figure 6.11 and Figure 6.12. Figure 6.11(a, c, e) shows that 
the simulated stress-strain response deviates from the corresponding experi-
mental results. Also, the peak and steady state values were not well separated in 
the numerical calculations since the measured peaks of deviatoric stresses could 
not be reproduced by the analysis. Figure 6.11(b, d, f) depicts the pore water 
pressure, Δu accumulating with the increase in vertical strain, εa. The results show 
that calculated pore pressures at the steady state reasonably reproduced the test 
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measurements while the increase in accumulation of pore water pressure during 
the initial phase of the tests is underestimated by the simulations with a decrease 
in effective mean stress, p’0. 

 

 
Figure 6.11 Typical response of undrained triaxial tests 

 

The differences in the experimental and numerical responses for the pore pres-
sure accumulation also affected the effective stress paths as can be seen in Fig-
ure 6.12(a, c, e) since the effective mean stress, p’ is directly influenced by the 
pore water pressure change, Δu. Furthermore, the effective mean stress in turn 
influences the stress ratio, q/p’ variation plotted in Figure 6.12(b, d, f).  
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Figure 6.12 Typical response of undrained triaxial tests (Dr0 = 20.7%) 
 

6.5.2.5 Parametric investigations on hypoplastic parameters 
In this section, the sensitivity of the simulated responses of oedometric and triaxial 
element tests on a variation of the hypoplastic parameters is presented. The pa-
rameters summarized in Table 6.9 were considered as a reference. The influence 
of each calibrated parameter on the responses of oedometric and triaxial element 
tests was investigated by varying the parameters in a range of +20% to -20% of 
the reference value. The variation of the parameters is summarized in Table 6.10. 

Table 6.10      Hypoplastic parameters for sensitivity analyses 
Variation ed0 

[-] 
ec0 
[-] 

ei0 
[-] 

 
[kPa] 

 
[-] 

α 
[-] 

β 
[-] 

0% 0.491 1.320 1.584 17492.0 0.20 0.040 0.80 

-20% 0.393 1.056 1.267 13993.6 0.16 0.032 0.64 

-10% 0.442 1.188 1.426 15742.8 0.18 0.036 0.72 

+10% 0.540 1.452 1.742 19241.2 0.22 0.044 0.88 

+20% 0.594 1.584 1.901 20990.4 0.24 0.048 0.96 
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The parametric analyses results of the oedometric tests showed that ,  and ec0 
have a significant effect, while β and α only slightly affected the response and ed0 
showed no effects.  

Moreover, the parametric analyses on the drained monotonic tests showed that 
the initial stiffness is affected by eco,  and β; the peak and residual shear 
strengths are affected by all parameters while  and β parameters insignificantly 
affected the residual strengths. 

Furthermore, the parametric analyses on the response of undrained monotonic 
tests showed that the initial stiffness was not affected for the range of parameters 
studied. Only ec0 and  significantly affected the peak and residual strengths. Sim-
ilarly, the pore pressure, and hence, the effective stress, p’ was affected by ec0 
and  but not by the other parameters within the ranges considered. Typical ef-
fects of varying the parameter ec0 are shown in Figure 6.13 and additional para-
metric analyses responses are given in Appendix G. 

In general, the parametric analyses carried out showed the contribution of the 
individual parameters to affect the different responses as summarized in Table 
6.11. Considering the increase in the magnitude of each parameter, the effects 
are qualitatively indicated with ‘+’ & ‘-‘ signs for increasing and decreasing mag-
nitudes, respectively. For no effect of a parameter, “NE” is used. 

Table 6.11 Summary of the parametric analyses 
Description  Increasing the value of a parameter Tests 

ec0 ei0 ed0   α β 

Oedometric responses 

Axial strain ( a) - - NE - - - - EOD-3 
EOD-5 
EOD-6 Void ratio (e) + + NE + + + + 

Monotonic drained triaxial test  

Initial stiffness (E0 and E50) + + NE + NE NE + EMT-CD-1 

EMT-CD-2 

EMT-CD-3 
Peak strength (φp) + - + + + + + 

Residual strength (φc)  + + + NE + + NE 

Monotonic undrained triaxial test 

Initial stiffness (E0 and E50) NE N
E 

NE NE NE NE NE ECT-CU-1 

ECT-CU-2 

ECT-CU-3 

 

Peak strength (φp) + + NE NE + NE NE 

Residual strength (φc)  ++ ++ NE NE ++ - NE 

Pore pressure accumulation (Δu) - - NE NE - NE NE 

Effective mean stress (p’) - - NE NE - NE NE 
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Figure 6.13 Effect of varying parameter ec0 on the response of EMT-CU-2 

 

Improved responses were achieved by recalibrated parameters obtained from 
partial multi-parametric analyses. The recalibrated parameters for subsequent nu-
merical simulations are summarized in Table 6.12. 

Table 6.12 Recalibrated hypoplastic parameter for sample ETP-1 
φc 
[0] 

ed0 
[-] 

ec0 
[-] 

ei0 
[-] 

 
[kPa] 

 
[-] 

α 
[-] 

β 
[-] 

31.7 0.491 1.32 1.584 17868 0.22 0.05 0.8 
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6.5.3 Calibration of the intergranular strain model parameters 
6.5.3.1 Limiting intergranular strain (R) 
The parameter R determines the size of the elastic range and needs to be cali-
brated by means of a parametric study fitting to the stiffness degradation curve 
obtained from accurate local strain measurements. However, R lies in a narrow 
range and has similar effects as the βr parameter in controlling the degradation 
curve (Mašín 2015). Thus, R = 10-4 was initialized as a material independent con-
stant parameter. 

6.5.3.2 Parameters mR and mT 
The maximum shear modulus (G0) in the range of very small strains is usually 
estimated using the following empirical formulation (Hardin & Black 1966): 

 Eq. 6.45 

where A = material constant depending on the soil type; F(e) = void ratio func-
tion; p’s = effective mean stress; pa = atmospheric pressure (pa = 100 kPa is 
assumed); n = stress exponent (n = 0.35 to n =0.6 for silty sand (Wu et al. 
2020)). 

with 

 
 Eq. 6.46 

where c = 2.97 for angular; c = 2.17 for round particles. 

The parameter A was related to fines content (FC) for use in the determination of 
G0 of silty sand by many researchers. In this thesis, recent studies by Wichtmann 
et al. (2015), Liu & Yang (2016), and Wu et al. (2020) were used for estimating 
the parameter A of sample ETP-1 using n = 0.35 to n = 0.60, c = 2.17, FC = 0.35 
using the same void ratio, e for a range of effective mean stresses, p’ (see Figure 
6.14). On the other hand, Wegener (2013) related G0 to the granular stiffness,  
and exponent,  in the small strain range and estimated G0 with the following 
approach:  

 
Eq. 6.47 

with   

 
Eq. 6.48 
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 Eq. 6.49 

 
Eq. 6.50 

where  is calculated using Eq. 6.5. 

Thus, Eq. 6.45 and Eq. 6.47 should provide a similar G0 for the same stress state 
and void ratio. Using these conditions, the parameter mR can be calculated.  

Figure 6.14 shows the variation of the shear modulus, G0 with effective mean 
stress, p’ using the empirical relation (Eq. 6.45) and the hypoplastic relationship 
(Eq. 6.47). From Figure 6.14, it can be observed that a value of mR = 3.2 is a good 
average approximation. 
 

 

Figure 6.14 Variation of initial shear modulus (G0) with effective mean stress (p’) 

The parameter mT is not determined from experiments and is difficult to calibrate. 
However, Mašín (2015) indicated that the ratio mT/mR = G90/G0 0.7 provides a 
reasonable estimate where G90 is the initial shear stiffness after 90° change of 
strain path direction. Thus, a value of mT = 0.7mR was assumed for the subse-
quent analyses. 
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6.5.3.3 Parameters βr,  and ϑ 
The hypoplastic model with intergranular strains considers not only the effects of 
continuous loading or strain path reversals but also cyclic loading. In this case, it 
is preferable to use cyclic tests also for the model calibration (Mašín 2015). Thus, 
to calibrate the parameters βr,  and ϑ, simulations of undrained cyclic triaxial 
compression tests ECT-1, ECT-2, and ECT-3 (Table 5.1) were performed. The 
parameters βr, , and ϑ were varied to achieve a reasonable agreement between 
the calculated and measured results in terms of stress-strain behaviour, pore 
pressure accumulation and effective stress paths. 

The estimated intergranular strain parameters are summarized in Table 6.13. 

Table 6.13 Estimated intergranular strain parameters 
Sample R 

[-] 
mR 
[-] 

mT 
[-] 

βr 
[-] 

 

[-] 
ϑ* 

[-] 

ETP-1 1 · 10-4 3.2 2.24 0.2 1.0 10.0 

Note: * for monotonic tests χ = ϑ = 1.0 is used 

6.5.3.4 Parametric study on intergranular strain parameters 
A parametric study on the intergranular strain parameters was carried out to 
achieve a better fit to the undrained experimental results. Table 6.14 shows the 
variation of parameters in the parametric study. 

For the parametric study, the monotonic and cyclic undrained triaxial compression 
tests of specimens consolidated to effective mean stress of p’0 = 100 kPa were 
used, namely tests EMT-CU-2 (see Table 4.1) and ECT-CU-2 (see Table 5.1). All 
initial intergranular strains were set to zero (isotropic initial state). 

The effect of the parameter R on the monotonic responses is shown in Figure 
6.15 for EMT-CU-2. Increasing the value of the parameter R increased the initial 
stiffness and the strength (both peak and residual) and decreased the pore pres-
sure generation. As a result, it also affects the effective stress paths.  
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Table 6.14 Variation of parameters in the parametric study 
Case R 

[-] 
mR 
[-] 

mT 
[-] 

βr 
[-] 

 

[-] 
ϑ 

[-] 
Effect of  

T-0 1 · 10-4 3.2 2.24 0.20 1.0 10.0 reference 
T-1 7 · 10-5 3.2 2.24 0.20 1.0 10.0 

R 
T-2 8 · 10-5 3.2 2.24 0.20 1.0 10.0 
T-3 2 · 10-4 3.2 2.24 0.20 1.0 10.0 
T-4 3 · 10-4 3.2 2.24 0.20 1.0 10.0 
T-5 1 · 10-4 2.5 1.75 0.20 1.0 10.0 

mR/ mT 
T-6 1 · 10-4 2.8 1.96 0.20 1.0 10.0 
T-7 1 · 10-4 4.0 2.80 0.20 1.0 10.0 
T-8 1 · 10-4 5.0 3.50 0.20 1.0 10.0 
T-9 1 · 10-4 3.2 2.24 0.05 1.0 10.0 

βr 
T-10 1 · 10-4 3.2 2.24 0.10 1.0 10.0 
T-11 1 · 10-4 3.2 2.24 0.25 1.0 10.0 
T-12 1 · 10-4 3.2 2.24 0.30 1.0 10.0 
T-13 1 · 10-4 3.2 2.24 0.20 0.1 10.0 

 
T-14 1 · 10-4 3.2 2.24 0.20 0.5 10.0 
T-15 1 · 10-4 3.2 2.24 0.20 2.0 10.0 
T-16 1 · 10-4 3.2 2.24 0.20 5.0 10.0 
T-17 1 · 10-4 3.2 2.24 0.20 1.0 1.0 

ϑ 
T-18 1 · 10-4 3.2 2.24 0.20 1.0 5.0 
T-19 1 · 10-4 3.2 2.24 0.20 1.0 15.0 
T-20 1 · 10-4 3.2 2.24 0.20 1.0 20.0 

 

        
Figure 6.15 Effect of R on undrained triaxial compression for test EMT-CU-2 
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Analyses results on the effects of the parameter R on ECT-CU-2 are shown in 
Figure 6.16 and reveal that parameter R significantly affects the responses of 
ECT-CU-2. Decreasing the R value resulted in a faster strain and pore water pres-
sure generation and vice versa. Consequently, the effective stress paths rapidly 
shifted towards the decreasing value of p’ at lower R values. The hysteresis loops 
also showed rapid strain accumulation responses.  

Further parametric analyses results of EMT-CU-2 and ECT-CU-2 are presented 
in Appendix H. 
 

 
Figure 6.16 Effect of R on undrained cyclic test responses (for ECT-CU-2) 

 

Following the parametric analyses carried out on tests EMT-CU-2 (monotonic) 
and ECT-CU-2 (cyclic), the effect of individual parameters was studied. The ef-
fects of increasing individual parameters on the undrained responses are sum-
marized in Table 6.15 where the magnitude of impact is qualitatively indicated 
with ‘+’ & ‘-‘ signs for increasing and decreasing effects, respectively. For no effect 
of the parameter, NE is used. 
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Table 6.15 Summary of the parametric analyses 
Description  Increasing the value of a parameter Tests 

R mR mT βr Χ ϑ 

Monotonic undrained triaxial test  

Initial stiffness (E0 and E50) + + + - NE NE EMT-CU-2 

Pore pressure accumulation (Δu) - - - + - - 

Peak strength (φp) + + + - + + 

Residual strength (φc)  + + + - + + 

Strength ratio (q/p’) + + + + - + 

Cyclic undrained triaxial test 

Vertical strain accumulation (Ɛa) - - - + - - ECT-CU-2 

Pore pressure accumulation (Δu) - - - + - - 

Effective mean stress (Δp’) - - - + - - 

Hysteresis loop size (Ɛa-q) - - - + - - 

 

Based on the results of the individual parametric analyses, multi-parameter anal-
yses were carried out resulting to the recalibrated parameters summarized in Ta-
ble 6.16.  

Table 6.16 Recalibrated intergranular strain parameters for sample ETP-1 
R 
[-] 

mR 
[-] 

mT 
[-] 

βr 
[-] 

 

[-] 
ϑ* 

[-] 

1.0 x 10-4 4.0 2.8 0.05 1.0 10.0 

Note: * for monotonic tests χ = ϑ = 1.0 is used 

 

6.5.4 Calibration of the ISA-plasticity model parameters 
In this thesis, the two additional parameters required to apply the ISA model by 
Poblete et al. (2016) in FE code Tochnog were calibrated by parametric analyses 
using undrained cyclic triaxial tests as recommended by the authors. The param-
eters in Table 6.16 are achieved as good estimates. 

Table 6.17 Calibrated ISA parameters for ETP-1 

 
[-] 

 
[-] 

0.002 8.0 
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The responses of EMT-CU-2 using the parameters in Table 6.16 are shown in 
Figure 6.17. Figure 6.18 shows the responses of ECT-CU-2 with the parameters 
in Table 6.16 and the ISA parameters in Table 6.17. From Figure 6.17, it can be 
seen that the stress-strain, pore pressure, and stress paths were improved and 
reasonably fit with experimental results compared to the responses of EMT-CU-
2 presented in Figure 6.11 and Figure 6.12. The simulation of ECT-CU-2 has 
showed a deviation from the test results as shown in Figure 6.18. 

However, it is to be noted that the testing conditions during experiments differ 
from the ideal case of numerical element simulations which are carried out with 
full control of the boundary and homogeneity conditions. Hence, the deviation of 
the responses because of such assumptions is imminent.  
 

 
Figure 6.17 Responses of numerical simulations of EMT-CU-2 

 



Numerical constitutive model and calibration of parameters 127 
 

 

 

 
Figure 6.18 Response of numerical simulation of ECT-CU-2 with ISA extension 

 

6.6 Numerical simulation of element tests 
6.6.1 Introduction  
To simulate the undrained behaviour and liquefaction potential of sample ETP-1, 
the monotonic and cyclic triaxial tests (Table 5.1 and Table 5.1), which were not 
used for calibration of model parameters, are considered. Using the recalibrated 
parameters listed in Table 6.12, Table 6.16 and Table 6.17, a comparison of ex-
perimental results and numerical simulation of element tests is presented in the 
following sections.  

6.6.2 Monotonic test responses 
Figure 6.19 and Figure 6.20 show the measured and calculated responses for 
EMT-CU-1 and EMT-CU-3, respectively. The responses tend to slightly deviate 
from the experimental results with increase in the effective mean stress. Further-
more, while the test results consistently showed the instability behaviour (static 
liquefaction), the calculated responses indicated both the static liquefaction and 
limited liquefaction behaviours described in section 2.7. Similar responses were 
observed in all the comparisons of the experiments and numerical simulations 
(see appendix I). 
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Figure 6.19 Comparison of undrained monotonic test responses (EMT-CU-1) 

 

 
Figure 6.20 Comparison of undrained monotonic test responses (EMT-CU-3) 
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A summary of all the comparison of parameters from monotonic tests and the 
corresponding simulations is given in Table 6.18 and Table 6.19 for peak and 
steady state, respectively. The simulation results for all tests are documented in 
appendix I. 

Table 6.18 Summary of monotonic undrained response: Peak state 
Specimen Initial condi-

tions 
Experiment  Numerical simulation 

Dr 
[%] 

p'0 
[kPa] 

p' 
[kPa] 

qpeak 
[kPa] 

εa 
[%] 

Δu 
[kPa] 

p' 
[kPa] 

qpeak 
[kPa] 

εa 
[%] 

Δu 
[kPa] 

EMT-CU-1 22.7 50 28.5 25.0 0.9 29.8 21.5 25.3 7.4 36.9 

EMT-CU-2 26.6 100 50.7 44.6 1.3 63.3 44.2 48.6 6.1 72.0 

EMT-CU-3 30.8 200 126.3 110.1 1.6 110.4 89.1 93.8 6.0 142.2 

EMT-CU-4 32.9 50 35.7 29.6 0.4 24.2 24.3 29.9 20.0 35.7 

EMT-CU-5 37.4 100 79.0 68.4 0.8 52.0 45.2 55.1 20.0 73.1 

EMT-CU-6 39.2 200 156.0 134.1 0.6 88.7 85.6 103.6 20.0 148.9 

EMT-CU-7 48.3 50 37.6 42.4 1.7 27.0 26.8 33.1 20.0 34.2 

EMT-CU-8 51.7 100 73.3 79.7 0.9 56.1 49.9 61.0 20.0 70.5 

EMT-CU-9 58.6 200 142.2 153.9 0.6 108.1 96.3 117.3 20.0 142.9 
 

Table 6.19 Summary of monotonic undrained response: Steady state 
Specimen Initial condi-

tions 
Experiment  Numerical simulation 

Dr 
[%] 

p'0 
[kPa] 

p' 
[kPa] 

qpeak 
[kPa] 

εa 
[%] 

Δu 
[kPa] 

p' 
[kPa] 

qpeak 
[kPa] 

εa 
[%] 

Δu 
[kPa] 

EMT-CU-1 22.7 50 28.5 25.0 0.9 29.8 20.6 25.2 20.0 37.8 

EMT-CU-2 26.6 100 50.7 44.6 1.3 63.3 39.0 47.1 20.0 76.7 

EMT-CU-3 30.8 200 126.3 110.1 1.6 110.4 74.0 88.5 20.0 155.5 

EMT-CU-4 32.9 50 35.7 29.6 0.4 24.2 24.3 29.9 20.0 35.7 

EMT-CU-5 37.4 100 79.0 68.4 0.8 52.0 45.2 55.1 20.0 73.1 

EMT-CU-6 39.2 200 156.0 134.1 0.6 88.7 85.6 103.6 20.0 148.9 

EMT-CU-7 48.3 50 37.6 42.4 1.7 27.0 26.8 33.1 20.0 34.2 

EMT-CU-8 51.7 100 73.3 79.7 0.9 56.1 49.9 61.0 20.0 70.5 

EMT-CU-9 58.6 200 142.2 153.9 0.6 108.1 96.3 117.3 20.0 142.8 

 

The responses at peak and steady states of all specimens under monotonic tests 
are compared in Figure 6.21. Figure 6.21(a) shows the comparison of the un-
drained responses during peak state conditions while Figure 6.21(b) shows the 
undrained responses at the steady state. As can be observed from the plots, the 
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data falls in a relatively narrow band with slight variation between the computed 
and measured values. The average slopes of the instability (IS) line and steady 
state (SS) line are indicated. It can be readily observed that the responses concur 
more at the steady state than that at the peak state.   

Furthermore, comparisons of the pore pressure accumulation are presented in 
Figure 6.21(c) and Figure 6.21(d) for peak state and SS conditions, respectively. 
Figure 6.21(c) shows that there are higher numerically computed pore pressure 
build-ups than the experimental results when compared at the same effective 
mean stress for the peak state conditions. Nevertheless, the pore water pressure 
accumulations at the SS conditions are reasonably comparable showing a better 
agreement with the experimental results. 

In all the numerical calculations, the initial values of the intergranular parameters 
were set to zero (isotropic conditions). Hence, this assumption might have con-
tributed to the variations observed between the calculated and measured values. 
 

 
Figure 6.21 Comparison of undrained monotonic test responses 
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6.6.3 Cyclic test responses 
In the first stage, a comparison of the responses was investigated without the 
parameters of the ISA extension by Poblete et al. (2016). In the second stage, a 
comparison was carried out with the ISA extension included and using the param-
eters in Table 6.17.  

Figure 6.22 compares the response without the ISA extension model but with the 
intergranular strain model (section 6.3) for test ECT_CU_1. As can be observed 
from Figure 6.22(a), the numerical simulation resulted in a strain accumulation 
which was significantly larger than in the experiment. Furthermore, the pore pres-
sure also exhibited faster build-up compared to the experimental results ( Figure 
6.22(b)) with the initial liquefaction state (ru = 100%) reached for Ncl = 2 while the 
experiments showed Ncl = 5. The same investigations were carried out for all other 
tested specimens as summarized in Table 6.20. 

Poblete et al. (2016) discussed that when the number of cycles increases and the 
current stress is not located on the critical state surface, the rate of the plastic 
accumulation reduces. The implementation of the intergranular strain extension 
by Niemunis & Herle (1997) lacks consideration of such effects. Figure 6.22 
shows this effect in the current investigation without the ISA extension included. 

 

 
Figure 6.22 Comparison of undrained cyclic responses -without ISA (ECT-CU-1) 
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Table 6.20 Comparison of cyclic test results for Nc = 20 without ISA extension 
Test Dr 

[%] 
CSR 

[-] 
Experimental Numerical 

ru 

[%] 
εa 

[%] 
ru 

[%] 
εa 

[%] 

ECT-CU-4 21.5 0.250 71.2 0.4 100.0 >20 

ECT-CU-5 20.8 0.375 80.8 1.4 97.8 >20 

ECT-CU-6 21.8 0.500 97.8 5.1 94.2 >20 

ECT-CU-7 21.1 0.750 100 12.6 93.1 >20 

ECT-CU-8 30.5 0.250 62.4 0.3 98.2 >20 

ECT-CU-9 30.8 0.375 65.1 0.4 97.3 >20 

ECT-CU-10 31.2 0.500 98.8 1.9 93.6 >20 

ECT-CU-11 30.5 0.750 99.1 17.2 97.6 >20 

ECT-CU-12 50.1 0.250 32.7 0.1 30.1 0.4 

ECT-CU-13 46.4 0.375 32.1 0.1 83.1 18.0 

ECT-CU-14 47.9 0.500 60.5 0.3 73.7 >20 

ECT-CU-15 46.6 0.750 98.1 7.7 93.8 >20 
 

In the second stage, the ISA extension model by Poblete et al. (2016) as imple-
mented in the FE program Tochnog (Tochnog Professional Company 2021) is 
used to compare the responses.  

Figure 6.23 shows the comparison of test ECT-CU-1 with the numerical simula-
tion applying the hypoplastic model with the ISA extension. In the experiment the 
initial liquefaction state (ru = 100%) was reached at Ncl = 5 while in the numerical 
simulation it occurred at Ncl = 9 (Figure 6.23(b)). Moreover, the computed vertical 
strain was smaller than the experimental results (Figure 6.23(a). Thus, the strain 
and pore pressure accumulated relatively faster in the experiment although no 
significant deviations were observed. As expected, the stress paths and the hys-
teresis loops are affected by the accumulations of the pore pressure and strain, 
respectively. Thus, it can be noted that the implementation of the ISA extension 
model has significantly improved the agreement between experiment and simu-
lation for the accumulation of strains (Figure 6.23(a)) and the build-up of pore 
pressure (Figure 6.23(b)). The comparison between experiment and simulation is 
summarized in Table 6.21 for all the tested specimens (with ISA). The simulation 
results are presented in appendix J for all the tests.  

However, both analyses, i.e. with and without the ISA extension, showed cyclic 
instability behaviour with a continuous reduction of the effective mean stress to-
wards the zero-stress point which is known as the cyclic flow liquefaction state.  
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Figure 6.23 Comparison of undrained cyclic responses with ISA (ECT-CU-1) 

 

Table 6.21 Comparison of cyclic test results for Nc = 20 with ISA extension 
Test Dr 

[%] 
CSR 

[-] 
Experimental Numerical 

ru 

[%] 
εa 

[%] 
ru 

[%] 
εa 

[%] 

ECT-CU-4 21.5 0.250 71.2 0.4 100 1.0 

ECT-CU-5 20.8 0.375 40.8 1.4 95.4 1.8 

ECT-CU-6 21.8 0.500 97.8 5.1 92.1 2.5 

ECT-CU-7 21.1 0.750 100 12.6 98.1 3.2 

ECT-CU-8 30.5 0.250 62.4 0.3 43.4 6.1 

ECT-CU-9 30.8 0.375 65.1 0.4 90.8 1.8 

ECT-CU-10 31.2 0.500 98.8 1.9 79.3 1.1 

ECT-CU-11 30.5 0.750 99.1 17.2 96.1 3.9 

ECT-CU-12 50.1 0.250 32.7 0.1 35.9 0.2 

ECT-CU-13 46.4 0.375 32.1 0.1 83.8 1.1 

ECT-CU-14 47.9 0.500 60.5 0.3 76.0 1.5 

ECT-CU-15 46.6 0.750 98.1 7.7 94.7 2.9 
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6.7 Summary of the numerical simulation of element tests  
The performance of the hypoplastic model by von Wolffersdorff (1996), with the 
intergranular extensions by Niemunis & Herle (1997), Wegener & Herle (2014) 
and Poblete et al. (2016) implemented in the FE code Tochnog (Tochnog Profes-
sional Company 2021) has been investigated simulating monotonic and cyclic tri-
axial test. The calibration of the hypoplastic parameters was conducted inde-
pendently of the test results used for comparison.  

Under undrained monotonic loading conditions, the calculated strains and pore 
pressures correspond well to the values measured in the experiments when the 
hypoplastic model (von Wolffersdorff 1996) with the intergranular strain extension 
by Niemunis & Herle (1997) and Wegener & Herle (2014) was used. However, 
when the same parameters calibrated for monotonic loading were used for cyclic 
loading, the results showed excessive strain accumulation and fast pore pressure 
build-up. Nonetheless, the use of the ISA extension proposed by Poblete et al. 
(2016) appears to attenuate the excessive strain accumulation.  Thus, the results 
suggest that a careful selection of the constitutive model supported by proper cal-
ibration procedures can yield realistic predictions for the evaluation of undrained 
behaviour (especially for cyclic loading) and liquefaction potential evaluations. 
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7 Numerical simulation of an embankment with earthquake loading  

7.1 Introduction  
In the previous chapter, the ability of the hypoplasticity model with its extensions 
to simulate the undrained behaviour and liquefaction potential was discussed us-
ing element tests. To investigate the capability of these constitutive models for the 
simulation of geotechnical boundary value problems, an embankment consisting 
of the ETP-1 material subjected to earthquake loading is analysed in the current 
chapter.  

The embankment is an earth structure made of Nevada sand that has been orig-
inally studied by Muraleetharan et al. (2004) by means of centrifuge model tests. 
Hleibieh & Herle (2019) carried out a numerical back-analysis of the centrifuge 
tests modelling the material behaviour of the Nevada sand with hypoplasticity. 

The main objective of this section is the evaluation of the undrained cyclic behav-
iour and liquefaction potential using the hypoplasticity model by von Wolffersdorff 
(1996) together with the intergranular extensions by Niemunis & Herle (1997) and 
Wegener & Herle (2014) for the above mentioned embankment which is now 
modelled considering the silty sand with material properties of sample ETP-1. 
 

7.2 The VELACS project 
The validation of any numerical procedure mainly depends on reliable experi-
mental data. In geotechnical earthquake engineering, centrifuge testing has been 
commonly used to produce data for the validation of numerical procedures and to 
give insight into failure mechanisms.  

The project “Verification of Liquefaction Analyses by Centrifuge Studies (VE-
LACS)”, funded by the U.S. National Science Foundation (NSF), focuses on the 
prediction of dynamic behaviour of geotechnical engineering structures (Mura-
leetharan et al. 2004). The VELACS project is a vital database to check the per-
formance of numerical simulations of earthquake-like loading for a variety of soil 
models. It aimed at better understanding the mechanisms of soil liquefaction and 
at acquiring data for the verification of various analysis procedures (Muraleetha-
ran et al. 2004; Hleibieh & Herle 2019). More information about the VELACS pro-
ject is available at https://www.princeton.edu/~dynaflow/radu/soil/velacs/. 
 

7.3 Centrifuge tests by Muraleetharan et al. (2004) 
In the scope of the VELACS project, Muraleetharan et al. (2004) carried out two 
centrifuge tests under a centrifuge acceleration of 50 g. The cross section of the 



136 Numerical simulation of an embankment with earthquake loading 

 

 

 

embankment subjected to base shaking was asymmetric and comprised slopes 
of 1V:3H (18.4°) and 1V:1.75H (29.7°), respectively. The centrifuge model em-
bankments were constructed using Nevada sand with relative densities of Dr = 
62% (Test MT1) and Dr = 43% (Test MT2), respectively. Arulmoli et al. (1992) 
carried out extensive laboratory tests for Nevada sand classifying it as fine uni-
form sand with the physical properties summarized in Table 7.1. The internal fric-
tion angles for Nevada sand at Dr = 62% and Dr = 43% are approximately φ = 36° 
and φ = 33°, respectively, ensuring static stability of the embankment 
(Muraleetharan et al. 2004). 

 
Figure 7.1 Centrifuge model in prototype scale after Muraleetharan et al. 

(2004) 
 

Table 7.1 Summary of properties of Nevada sand after Arulmoli et al. (1992) 
Index Property Symbol Unit Value 

Specific gravity Gs [-] 2.67 

Average diameter D50 [mm] 0.15 

Maximum void ratio emax [-] 0.887 

Minimum void ratio emin [-] 0.511 

Maximum dry density max [g/cm³] 1.766 

Minimum dry  density min [g/cm³] 1.414 

Permeability (at Dr = 40.2%)  k [m/s] 6.6 x 10-5 

Permeability (at Dr = 60.1%)  5.6 x 10-5 

 

The centrifuge tests were performed in the Rensselaer Polytechnic Institute (RPI) 
3.0 m radius centrifuge and were monitored using accelerometers (ACC), pore 
pressure transducers (PPT), and linear variable differential transformers (LVDTs). 
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Figure 7.1 shows the dimensions of the model in the prototype scale and the lo-
cations of the measurement devices. 

According to Muraleetharan et al. (2004), the models were constructed on top of 
rough sandpaper glued to the base of the model container to prevent slippage 
along the base. Oven-dried Nevada sand was pluviated through a V-shaped fun-
nel and the funnel was moved manually back and forth along the width of the 
model container to produce uniform samples. Following pluviation, the top of the 
model container was sealed with a lid, and deaired water was introduced under 
suction of 90 kPa. The saturation process was performed over approximately 8 h. 
Before testing, red-coloured spaghetti sticks were inserted vertically into the soil 
at the central cross section. Spaghetti sticks, softened by submersion in water, 
moved with the sand during shaking, and their final locations were recorded dur-
ing the post shaking dissection of the models. The centrifuge was raised to 50g 
gradually in about 30 min and then spun with this magnitude for another 10 min 
before the base shaking was applied. 

 

7.4 Back-analysis by Hleibieh & Herle (2019) 
For the 2D simulation of the embankment,  Hleibieh & Herle (2019) used a finite 
element model with a mesh consisting of 897 nodes and 1495 trilateral three-
node elements with a maximum element size of 10 mm. Moreover, the Nevada 
sand and boundary conditions corresponding to the model test during the centri-
fuge experiments were adopted. The calibrated material parameters of the Ne-
vada sand are presented in Table 7.2 and Table 7.3. Figure 7.2 shows the model 
geometry, loads and boundary conditions applied for the numerical analyses. 

The bottom was fixed in the vertical direction, while at the top and both slopes no 
kinematic conditions were prescribed. The seismic loading (Figure 7.2(b)) used 
during the centrifuge test was applied as a horizontal acceleration signal at the 
bottom of the model. To allow for horizontal deformations and interactions at the 
contact between the sand and the bottom container wall in the model test, the 
latter was simulated as a metal plate in the FE model. Thus, the seismic acceler-
ation (Figure 7.2(b)) was not applied directly to the soil but to the plate. Interface 
elements were included between the plate and the embankment. The shear 
strength at the interface corresponded to the shear strength of the soil while the 
shear modulus of the interface was assumed significantly higher than the shear 
modulus of the soil. 
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For the hydraulic conditions of the embankment, a hydrostatic water pressure dis-
tribution was assumed at the crest and at the slopes. Hence, the pore water pres-
sure was calculated from the values of the hydrostatic conditions and was ad-
justed to the increase of gravity. The water pressures were applied as external 
normal loads at the crest and the slopes (Figure 7.2(a)) and remained constant 
during the seismic loading. This defined the drainage conditions at the embank-
ment crest and at the slopes. Outside the embankment, no fluid was modelled 
and the mass acceleration of water was neglected. A permeability coefficient k = 
7 10−5 m/s and a bulk modulus of water 2 GPa corresponding to 96% degree of 
saturation were used for the calculations. 
 

Table 7.2 Hypoplastic parameters after Hleibieh & Herle (2019) 
Material  φc 

[0] 
ed0 
[-] 

ec0 
[-] 

ei0 
[-] 

 
[kPa] 

 
[-] 

α 
[-] 

β 
[-] 

Nevada sand 31.0 0.511 0.887 1.02 500 0.5 0.1 1.1 

 

Table 7.3 Intergranular strain parameters after Hleibieh & Herle (2019) 
Material R 

[-] 
mR 
[-] 

mT 
[-] 

βr 
[-] 

 

[-] 
ϑ 

[-] 

Nevada sand 1.0  10-5 5.0 2.0 0.2 1.0 10.0 

 

 
Figure 7.2 Set up of numerical model and applied loads after Hleibieh & Herle 

(2019) 

 

(a) Set up of the numerical model (b)    Acceleration - time history 
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7.5 Model verification 
7.5.1 Numerical model 
Prior to the numerical investigations of the embankment with the ETP-1 material, 
the model was verified by comparing results from the centrifuge tests of 
Muraleetharan et al. (2004) and the finite element simulations by Hleibieh & Herle 
(2019) as documented by the latter authors with own simulations modelling Ne-
vada sand with parameters listed in Table 7.2 and Table 7.3. However, the values 
of the parameters used for the plate were not provided in the publication and they 
were assumed from literature as indicated in Table 7.4. 

Table 7.4 Parameters for plate and interfaces assumed after Tochnog 
Professional Company (2021) 

Property  Symbol Unit Plate 

(Truss-Beam ele-
ment) 

Interfaces  

(Spring element) 

Area moment of inertia I [m4] 2.085  10-4 - 

Young’s modulus E  [kPa] 9.87  106 - 

Shear modulus G  [kPa] 9.87  106 - 

Area  A  [m2] 0.223 - 

Stiffness  KN [kPa] - 1  107 

Coefficient of friction f [-] - 0.6 
 

Similar to Hleibieh & Herle (2019), the dynamic coupled pore pressure – displace-
ment finite element analyses were carried out with the code Tochnog (Tochnog 
Professional Company 2021). Using the pre-processor GiD (CIMNE 2021), a 
mesh comprising 955 nodes and 1728 linear triangular three-nodded elements 
was generated which is comparable to the mesh by Hleibieh & Herle (2019).  

Furthermore, the current analyses were carried out in the prototype scale and 
results are reported in the model scale to compare with the results of Hleibieh & 
Herle (2019) who carried out the simulations in the model scale. The prototype 
scale is adopted in the current work because the main intention in subsequent 
sections is to simulate the same embankment with the ETP-1 material for real 
time earthquake records acting on such geostructures.   

For the hydraulic properties, the permeability coefficient values listed in Table 7.1 
were used. According to Tochnog Professional Company (2021), the flow capac-
ity, c depends on the porosity, n and water compressibility, β0 and is calculated 
by:   
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 Eq. 7.1 

The porosity, n is related to the initial void ratio, e0 by:  

 Eq. 7.2 

The water compressibility, β0 is pressure and temperature dependent and is cal-
culated by: 

 Eq. 7.3 

where K is the bulk modulus of water.  

For the current stage, water is assumed at room temperature with atmospheric 
pressure and the value of  = 4.76·10−7 kPa-1 ( i.e., K=2.1GPa) is used to calcu-
late the parameter c (Eq. 7.1) for all simulations. 
The mesh of the embankment geometry is shown in Figure 7.3. Moreover, the 
same loading and boundary conditions as described in section 7.4 were applied.  

The initial state was generated by applying a normal load of 1 kPa on the surface 
of a weightless soil followed by an incremental increase of gravity to a value of 1 
g and the void ratio in the embankment was set to the value e = 0.66 and e = 
0.72, respectively, in agreement with the model tests of MT1 and MT2. To elimi-
nate the influence of the intergranular strains, the initial value of the intergranular 
vertical strain was set equal to R = 5·10−5. For numerical stability and to prevent 
vanishing stiffness in the vicinity of the free surface, the normal load on the sur-
face was gradually increased to 5 kPa (Figure 7.2(a)) during the gravity loading. 

 
Figure 7.3 Generated mesh (no. of nodes = 955 and no. of elements = 1728) 
 

7.5.2 Comparison of results 
The results from the current analyses and the previous works as documented by 
Hleibieh & Herle (2019) are presented and compared in Figure 7.4 and Figure 
7.5.  
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The deformation pattern of the embankment at the end of the earthquake loading 
is shown in Figure 7.4 for the case of MT1. Figure 7.4(a) shows the measurements 
from the centrifuge test and the numerical results achieved by Hleibieh & Herle 
(2019) while Figure 7.4(b) shows the contours of horizontal deformation of the 
embankment as a result of the current analysis. Furthermore, the settlement–time 
histories at LVDT1 at the embankment crest (Figure 7.1) are shown in Figure 
7.5(a) for the data provided by Hleibieh & Herle (2019) and in Figure 7.5(b) for 
the current analysis.  

 summarizes the maximum pore water pressure ratio measured and predicted 
 

 
Figure 7.4 Deformation of the embankment (MT1, Dr = 62%) 
 

Table 7.5 Comparisons of maximum pore water pressure ratio ru  
Measurement 
 location 
 

Maximum pore water pressure ratio, ru [%] 

Experiment (Centrifuge)  
(after Hleibieh & Herle (2019)) 

Numerical analysis 

Hleibieh & Herle (2019) Current analysis 
MT1 MT2 MT1 MT2 MT1 MT2 

A 57 - 46 - 47 48 

B 91 84 77 62 81 68 

C 124 - 43 - 41 56 

E 100 102 84 85 91 100 
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Figure 7.5 Settlement of the embankment crest at LVDT1 

In general, the comparisons of the current analyses with the results presented by 
Hleibieh & Herle (2019) showed reasonable qualitative and quantitative agree-
ment for both the deformation and pore pressure at all reference locations with 
minor variations arising due to:  

  scaling effects adopted for the analyses. i.e., model scale vs prototype scale 

  variations in mesh property (size and shape) generated for the model geom-
etry  

 assumptions on the material properties of the plate and type of the interface 
elements which were not indicated in the reference authors’ document. 

 

However, although the comparison between the calculated and the measured 
pore pressures showed good agreement for the two monitoring points near the 
centre of the embankment (points B and E), the calculated values near the slopes 
(points A and C) deviated largely from the centrifuge test results both in the cur-
rent analyses and the analyses by Hleibieh & Herle (2019). Hleibieh & Herle 
(2019) discussed these deviations linking to the reduction of the mobilized stress 
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ratio due to the distributed load of 5 kPa applied to the embankment surfaces in 
the numerical calculations. Accordingly, the critical stress ratio is eventually not 
reached even for the displacements towards the toe of the embankment. As a 
result, dilatancy or degradation of the pore pressures is not sufficiently captured 
in the numerical calculations. In addition to the effects due to distributed load of 5 
kPa, the equivalent representation and the assumption of hydrostatically distrib-
uted water pressure on the surfaces of the embankment is a simplification that 
has contributed to the numerical calculations. The water pressure distribution dur-
ing the 50 g centrifuge testing is believed to be non-hydrostatic.  
 

7.6 Numerical simulation of the embankment with the ETP-1 material  
7.6.1 Material parameters 
For the ETP-1 material, the hypoplastic constitutive model (Wolffersdorff 1996) 
together with the intergranular strain (Niemunis & Herle 1997) is applied. The ma-
terial parameters of ETP-1 used in the current simulation of the embankment are 
the result of the calibration process described in chapter 6.5 and are summarized 
in Table 7.6. Numerical analyses are carried out for different initial conditions un-
der two different earthquake loading cases as listed in Table 7.6. To improve the 
stability of the computational process, a 1% Rayleigh damping ratio was consid-
ered for all cases.  

Table 7.6 Input parameters for analyses 
Initial conditions and loads 

e0  
[-] 

k 
[m/s] 

e0  
[-] 

k 
[m/s] 

e0  
[-] 

k 
[m/s] 

PGA 
[g] 

0.966 7.0 · 10-7 0.909 2.8 · 10-7 0.812 1.1 ·10-7 0.45 0.28 

Hypoplastic model parameters  

φc 
[0] 

ed0 
[-] 

ec0 
[-] 

ei0 
[-] 

  
[-] 

α 
[-] 

β 
[-] [kPa] 

31.7 0.491 1.32 1.584 17868 0.22 0.05 0.8 

Intergranular strain model parameters 

R 
[-] 

mR 
[-] 

mT 
[-] 

βr 
[-] 

 
[-] 

ϑ 
[-] 

 in Eq. 7.1 
[kPa]-1 

1 · 10-4 4.0 2.8 0.05 1.0 10.0 4.76 · 10-7 
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7.6.2 Earthquake loading 
To investigate the effect of earthquake loading on the embankment, two different 
earthquakes are considered. One earthquake with the maximum peak ground ac-
celeration, PGA record acting for a short duration (designated EQ1) and another 
with low PGA but acting for a longer period (designated as EQ2). The objective is 
to study the effect of amplitude and duration of the earthquakes. For EQ1 and 
EQ2, the 1995 Kobe earthquake record of the Kobe University and the 1940 Im-
perial Valley-02 earthquake recorded at the El Centro Array #9El Centro are de-
rived from the PEER ground motion database (PEER 2021), respectively. EQ1 
has a PGA = 0.45 g with a duration of 32.0 s while EQ2 has a PGA = 0.28 g with 
a duration of 53.5 s. The time histories are presented in Figure 7.6.  

Material ETP-1 was sampled from the high seismic zone V in the seismic zonation 
map of Ethiopia (Figure 1.5) with the PGA ranging from PGA = 0.1 g to PGA = 
0.2 g. The present study, with the performance of material ETP-1 studied for PGA 
= 0.28 g and PGA = 0.45 g, respectively, is considered therefore to be a con-
servative approach.  
 

 
Figure 7.6 Time histories of EQ1 and EQ2 adopted from PEER (2021)  
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7.7 Numerical analyses results 
7.7.1 Acceleration-time history 
Calculated acceleration - time histories are shown in Figure 7.7 for EQ1 and EQ2 
at a location of point B (ACC4). The computed accelerations are in good agree-
ment with the input that are applied to the bottom supporting plate. The PGA input 
values were slightly higher than the computed PGA due to a small difference in 
distance between the input (plate location) and the location of point B. 
 

 
Figure 7.7 Comparison of time histories at point B (ACC4) (e0 = 0.966) 

7.7.2 Deformation responses  
The calculated vertical displacement - time histories at the crest level and the 
fields of horizontal deformations at the end of the earthquake loading are pre-
sented in Figure 7.8 and Figure 7.9, respectively, for EQ1 and EQ2 and for initial 
conditions with e0 = 0.966. For the same initial soil conditions, Figure 7.8(a) shows 
that the predicted displacements due to EQ1 are smaller than the displacements 
due to EQ2 (Figure 7.8(b)). Thus, it can be observed that the duration of the ap-
plied loading, not its magnitude alone, has a significant influence on the defor-
mation of the embankment. 

 
Figure 7.8 Vertical settlement at the crest level (LVDT1) (e0 = 0.966) 
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Figure 7.9 Contour plot of horizontal displacments (e0 = 0.966) 

7.7.3 Pore water pressure responses  
The computed pore pressure-time histories are shown in Figure 7.10 and Figure 
7.11 for EQ1 and EQ2, respectively, for initial conditions with e0 = 0.966. In gen-
eral, the numerical results show that the pore pressure accumulation at the bottom 
of the embankment (Points A, B, C) is smaller than the pore pressure build-up in 
the centre (Point E) for both EQ1 and EQ2. The numerical results at location E 
(Figure 7.10(d) & Figure 7.11(d)) show initial liquefaction state (ru = 100%) for 
both load cases. Thus, the embankment consisting of the ETP-1 material showed 
a liquefaction potential similar to the element test under the same initial condi-
tions. 

Furthermore, comparisons of responses of the embankment for initial void ratios 
e0 = 0.909, and e0 = 0.812 were also carried out in a similar manner. The results 
showed that the settlements at the crest level decreased with a decrease in the 
initial void ratio (denser state). However, it was shown that, even at investigated 
denser initial states, the embankment is susceptible to liquefaction in a similar 
manner to the initially loose state conditions. A summary of the numerical anal-
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yses results is presented in Table 7.7 and Table 7.8 for accelerations, defor-
mations and pore pressure accumulations, respectively. Responses for each of 
the cases are included in Appendix K.  

Table 7.7 Summary of acceleration and deformation results 
e0  
[-] 

PGA at point B 
[g] 

Maximum vertical deformation at crest level 
[cm] 

EQ1 EQ2 EQ1 EQ2 

0.966 0.420 0.276 32.7 44.3 

0.909 0.421 0.274 29.2 34.2 

0.812 0.421 0.275 28.1 33.1 

 

Table 7.8 Summary of pore pressure accumulation results 
e0  
[-] 

Maximum pore water pressure ratio, ru 
[%] 

EQ1 EQ2 

Point A Point B Point C Point E Point A Point B Point C Point E 

0.966 11.9 9.4 33.2 96.3 39.0 50.5 55.6 95.8 
0.909 11.8 13.9 31.5 96.1 54.4 53.2 72.8 99.8 
0.812 12.3 19.0 29.6 95.7 52.4 51.6 67.3 97.7 

 

 
Figure 7.10 Computed pore water pressure pressures due to EQ1 (e0 = 0.966) 
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Figure 7.11 Computed pore water pressure pressures due to EQ2 (e0 = 0.966) 
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8 Summary and outlook 

Liquefaction of soils is considered one of the major causes of failure of earth 
structures and foundations. The liquefaction phenomena have been under inves-
tigation after the 1964 Niigata earthquake that caused significant damage to struc-
tures. Most early studies have been focused on clean sands, yet the liquefaction 
potential of silty sands remains poorly understood as evidenced by several dam-
ages to structures observed in recent earthquakes.  

Silty sands, abundantly available and used in various engineering projects are 
among the soil types that are prone to liquefaction when exposed to undrained 
static or dynamic loads. Today, it is widely accepted that clean sands and silty 
sands respond differently during liquefaction due to the presence of the fines. 
However, there is no broadly accepted consensus on whether rising fines content 
increases or decreases the liquefaction resistance of silty sands, even with the 
same comparison basis (e.g, using void ratio, relative density etc.). Research 
shows that the volumetric contractiveness of clean sands typically increases with 
increase in effective confining stress while silty sands show the so called “reverse 
behaviour”.  

The simplified procedure  is commonly used as a state-of-practice for the assess-
ment of the liquefaction potential and it is based on the comparison of the cyclic 
stress resistance of soil determined from in-situ tests (e.g. standard penetration 
tests SPT, cone penetration tests CPT, shear wave velocity Vs etc.) with equiva-
lent cyclic shear stress expected to occur during an earthquake estimated empir-
ically or using elastic response analysis. Furthermore, the simplified procedure, 
correlated to the field test results, was proposed for clean sands and silty sands 
with fine contents FC > 5% and earthquake magnitude, M = 7.5. The effect of 
fines on the liquefaction resistance of silty sands has been also adopted in codes 
(e.g., Eurocode 8) described by empirical correlations between relative density 
and resistance measurement parameters (e.g., number of blows N in the SPT). 

The in-situ tests were preferred for liquefaction potential assessment of sites as 
laboratory reconstitution of soil specimens does not fully represent the actual con-
ditions in situ such as ageing, strain history, overconsolidation, fabric, and cemen-
tation. Nevertheless, laboratory tests still have vital importance for understanding 
the influence of various factors such as soil type, confining stress, and fines con-
tent on the liquefaction mechanism. Moreover, laboratory-based studies have 
shown dependable basis for numerical modelling of liquefiable soils.  
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Thus, the literature review on the liquefaction potential and behaviour of silty sand 
shows it is the topic of several recent research with various factors for investiga-
tion. This dissertation focuses on experimental (monotonic and cyclic triaxial 
tests) and numerical approaches using reconstituted silty sand specimens to 
study the behaviour and liquefaction potential. Typical silty sand named ETP-1 
sampled from the Tigray region in Ethiopia is used for preparing all the test spec-
imens in this work. Based on findings from the literature, the effects of initial rela-
tive density Dr0, effective mean stress p’0, and cyclic amplitudes have been stud-
ied and compared. 

The experimental investigations comprised compressional strain-controlled mon-
otonic and stress-controlled cyclic triaxial tests. Both experimental types were car-
ried out on isotropically consolidated specimens for different initial conditions (i.e 
relative density Dr0 and effective mean stress p’0). The cyclic tests were performed 
at a constant frequency of loading (f = 0.5Hz) under various cyclic stress ratio 
(CSR) values. Using test results, the undrained behaviour and liquefaction poten-
tial of the silty sand were mainly studied.  

Undrained monotonic compressional tests conducted on initially loose Dr0 = 21% 
to Dr0 = 31%, and medium dense specimens Dr0 = 46%, showed strain-softening 
after reaching a peak undrained shear strength qpeak at low strains for various 
initial effective mean stresses p’0 = 50 kPa to p’0 = 200 kPa. Moreover, pore pres-
sures continuously evolved to a maximum value and afterwards remained con-
stant until the steady state SS. As a result, the effective mean stresses decreased 
and the stress paths gradually approached the steady state SS. Thus, the results 
showed contractive responses (static liquefaction) that is characterised as unsta-
ble behaviour (instability). 

Undrained compressional cyclic triaxial tests were conducted for a range of den-
sities Dr0 = 20% to Dr0 = 55%, effective mean stresses p’0 = 50 kPa to p’0 = 200 
kPa, and cyclic amplitudes CSR = 0.25 to CSR = 0.75. Initially loose and medium 
dense specimens showed initial liquefaction state with pore water pressure ratio 
ru = 100% for the tested CSR ranges. In loose specimens, it was observed that 
additional undrained loading after the initial liquefaction state caused the accu-
mulation of large strains ac > 20% for all CSR values without significant change 
in pore pressure. However, the medium dense specimens, when tested with low 
CSR, exhibited low strains accumulation even after the initial liquefaction. Never-
theless, with increase in the CSR, even the medium dense specimens showed 
large strains ac > 20%. 
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The effect of initial effective mean stress p’0 on the pore pressure build-up and 
corresponding number of cycles was studied using medium dense specimens Dr0 
= 51% to Dr0 = 55%, under a constant cyclic amplitude qm = 50 kPa, consolidated 
to effective mean stresses of p’0 = 50 kPa, p’0 = 100 kPa and p’0 = 200 kPa, re-
spectively. The results showed the pore pressure accumulation decreased (in-
crease of the cyclic resistance) with increase in effective mean stress. A correla-
tion of pore water pressure ratio ru with effective mean stress p’0 was established 
using a power function that captured the data well with a coefficient of determina-
tion R2 = 94.5%. 

The effect of cyclic amplitudes CSR on cyclic resistance of loose and medium 
dense specimens was also investigated by means of another twelve tests for a 
constant effective mean stress of p’0 = 100 kPa. Cyclic resistance curves were 
presented as plots of the number of cycles required to initial liquefaction state Ncl 
(i.e., ru = 100%) with various CSR and Dr0. It was observed that with increase in 
the CSR, the resistance decreases requiring fewer cycles until ru = 100%. The 
resistance curves were well correlated using power functions with R2 > 98%. 

The cyclic strength of ETP-1 σcyc was evaluated using the number of cycles re-
quired to initial liquefaction state Ncl for three criteria Ncl = 10, Ncl = 15, and Ncl = 
20 for various initial densities. The relationship between cyclic resistance σcyc and 
relative density Dr0 were well correlated by a power function ( R2 > 99%) similar 
to the relationships proposed in the literature.  

Pore pressure accumulations during the cyclic tests were compared on plots of 
the pore water pressure ratio ru against the cycle ratio Nc/Ncl along with analytical 
models proposed for clean sands. All the test results for the various CSR values 
showed faster pore pressure accumulation that significantly deviated from the up-
per and lower bounds proposed for clean sands. Thus, the pore pressure accu-
mulation models proposed for clean sands underestimate the pore water pressure 
generation in silty sands and pore pressure build-up cannot be realistically pre-
dicted. 

To investigate the capability of the hypoplasticity constitutive model to study cyclic 
behaviour and liquefaction of the silty sand material ETP1, numerical simulations 
were carried out and compared with the test results. Numerical calculations were 
performed as element tests and for a 2D boundary value problem. For both cal-
culations, the hypoplastic model and its extension with the intergranular strains 
as implemented in the finite element code Tochnog have been used. Calibration 
of the model parameters was conducted applying available literature along with 
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parametric studies using test results. The model capability was investigated by 
means of monotonic and cyclic triaxial test results independent of those used for 
calibration. 

For element tests in undrained monotonic conditions, calculated strains and pore 
pressures correspond reasonably well to measured values in the experiments 
when the hypoplastic model with the intergranular strain extension was used. The 
numerical results, similar to the experiments, showed the continuous reduction in 
effective mean stress because of the pore pressure accumulation and revealed 
the static liquefaction and instability behaviour. When the same parameters cali-
brated for monotonic loading were used for cyclic loading conditions, the results 
showed excessive strain accumulation and rapid pore pressure build-up even with 
the use of the intergranular extension. This is due to the ratcheting effect of the 
hypoplastic model not resolved even with the implementation of the intergranular 
strain extensions. Nonetheless, the use of the intergranular anisotropy ISA exten-
sion appeared to attenuate this excessive strain accumulation and resulted in 
comparable calculated and measured responses. Thus, the results suggest that 
a thorough selection of a constitutive model and model parameters is vital for the 
realistic evaluation of undrained behaviour and liquefaction potential under cyclic 
loading conditions.  

Numerical analyses of a typical embankment under earthquake loadings of differ-
ent magnitude and duration with a variety of initial void ratio was carried out using 
the silty sand ETP-1 as a material. The results showed that calculated displace-
ments at the crest level and pore water  pressures at various locations of the 
embankment are affected by both the duration of the earthquake and by its mag-
nitude. However, both analyses results showed that the peak pore pressure ac-
cumulation occurred within the embankment and tend to liquefy under the applied 
earthquake loads. Thus, the analyses reveal, similar to the element tests, that if 
ETP-1 is used as a material in geotechnical structures (e.g. embankment), lique-
faction potential is envisaged and precautious measures (such as proper design 
of drainage systems, required compaction levels, etc.) should be considered prior 
to the construction stages. 

In general, the numerical simulations of elements tests and 2D boundary value 
problem demonstrated that the hypoplastic constitutive relations in conjunction 
with its extensions are capable to model the undrained behaviour and liquefaction 
state during monotonic as well as cyclic loading conditions with properly calibrated 
input parameters. 
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Based on the findings of this thesis the following further research works are pro-
posed:  

 Cyclic tests on the effects of load reversal and frequency of loading on the 
response of the silty sand are missing in this work. Thus, the researcher be-
lieves incorporating the effects of stress reversal would better complete the 
subject matter of this initial study. 

 An initial geohazard assessment of a typical embankment due to earthquake 
induced liquefaction is included in this thesis. However, further numerical anal-
yses on geostructures (e.g., embankments) not only under seismic loading but 
also due to vibrations, construction activities, or other seismic like actions are 
recommended to extend the current work. 

 The findings of the current work (both experimental and numerical) showed the 
susceptibility of silty sands to liquefaction. These suggest a separate guideline 
to evaluate the liquefaction potential of silty sands and subsequent damages 
to geostructures that can be implemented in routine practice by engineers is of 
critical importance. To this end, the various endeavours via the experimental 
and numerical studies have resulted in a significant amount of available rele-
vant data including the work presented herein that clarifies the liquefaction 
state of silty sand differs from that of clean sand and requires separate anal-
yses procedures. 
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A Notations and abbreviations 
A.1 Notation: small letters 
Symbol Description 

 Factor in hypoplasticity or coefficient 

amax Maximum ground acceleration 

atm Atmospheric pressure unit 

 
Fraction of fines transferring forces between soil particles or co-
efficient 

c Water flow capacity 

e Void ratio 

e0 Initial void ratio after consolidation 

ec Critical state void ratio 

ec0 Critical state void ratio at stress-free state 

ed Minimum void ratio at maximum relative density 

ed0 
Minimum void ratio at maximum relative density at stress-free 
state 

ei Maximum void ratio at minimum relative density  

ei0 
Maximum void ratio at minimum relative density at stress-free 
state 

emax Maximum void ratio 

emin Minimum void ratio 

ess Steady state void ratio 

 Rate of state variable e in hypoplasticity  

f Frequency of cyclic loading or exponent, coefficient of friction 

fb, fe, fd 
Scalar values to describe pycnotropy and barotropy in hypo-
plasticity 

g Gravitational acceleration  

hs Granular hardness in hypoplasticity 

k Permeability coefficient  
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Continued Table A.1 

Symbol Description 

md Dry mass of a soil 

mR 
Parameter controlling incremental stiffness for 180° strain path 
reversal 

mT 
Parameter controlling incremental stiffness for 90° strain path 
reversal 

n Exponent in hypoplasticity, porosity 

pa Atmospheric pressure 

p, ps Total mean stress 

p’, p's Effective mean stress  

p0 Initial total mean stress 

p'0 Initial effective mean stress 

qcyc, qm, qampl Peak-to-peak cyclic load amplitude 

qpeak, qmax Peak shear strength or maximum deviatoric stress 

rd Stress reduction with depth factor  

ru Pore water pressure ratio 

t Time  

u Pore pressure 

v Velocity 

z Depth from ground level 
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A.2 Notations: capital letters 
Symbol Description 

A Area 

Ac Corrected area 

Am Cyclic load amplitude 

B Skempton's value 

 Parameter controlling the rate of Ɛa 

Cu Uniformity coefficient 

Cc Coefficient of curvature or consolidation coefficient  

D10 Effective particle size at which 10% of the particles are finer 

D30 Particle size at which 60% of the particles are finer 

D50 Mean particle size at which 50% of the particles are finer 

D60 Particle size at which 60% of the particles are finer 

Dr0, Dr, ID0 Relative density 

E Young’s modulus 

E0 Initial tangent modulus  

E50 
Secant modulus at mean deviatoric stress (between q = 0 & q = 
0.5qmax) 

F Factor to incorporate failure criterion in hypoplasticity 

G Shear modulus 

Gs Specific gravity 

H0 Initial specimen height 

I Area moment of inertia 

K Bulk modulus of water 

K0 Coefficient of lateral earth pressure 

KN Spring stiffness 

Kσ  Correction factor due to overburden pressure 
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Continued Table A.2 

Symbol Description 

Kα Correction factor due to initial static shear stress 

Mb Body wave magnitude 

ML Local magnitude 

Ms Surface wave magnitude 

Mw Moment magnitude 

N Number 

Ncl Number of cycles to initiation of liquefaction 

Nc Number of cycles  

R Limiting intergranular strain 

R2 Correlation coefficient  

T Period 

V0 Initial volume of a soil specimen 
 

A.3  Notations: Greek letters 
Symbol Description 

α 
Exponent in hypoplasticity or static shear stress ratio parame-
ter 

β Exponent in hypoplasticity 

β0 Water compressibility 

βr Parameter controlling degradation of stiffness in intergranular 
strains 

 Shear strain or unit weight of a soil 

 Effective (buoyant) unit weight of a soil 

max Maximum unit weight of a soil 

min Minimum unit weight of a soil 

Δu Excess porer pressure or pore water pressure change 

ΔH Vertical deformation of a specimen 
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Continued Table A.3 

Symbol Description 

Δσ', Δσ Change in stress or effective vertical stress 

Δσ'3, Δσ'3c Effective cell pressure change 

ε Strain 

ε1, εa, εac Vertical (axial) strain 

εv Volumetric strain 

  Factor in hypoplasticity 

  
Parameter controlling the accumulation stiffness in intergranu-
lar strains 

  Poisson’s ratio 

ρ 
Density or intergranular strain normalized by limiting intergran-
ular strain 

ρd Dry density of a soil 

ρb Bulk density of a soil 

ρw Density of water 

ρmax Maximum density of a soil 

ρmin Minimum density of a soil 

σ Stress, pressure 

σa Vertical (axial) stress 

σ1, σ2, σ3 Principal total stresses 

σ'1, σ'2, σ'3 Principal effective stresses 

σc, σcell Cell pressure 

σ'c, σ'cell Effective cell pressure 

σ'1c, σ'3c Principal effective consolidation stresses 

σcy Cyclic strength 

σmax Maximum vertical stress in cyclic loading 

σmin Minimum vertical stress in cyclic loading 
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Continued Table A.3 

Symbol Description 

σmean Mean vertical stress in cyclic loading 

σh, σh0 Total horizontal overburden pressures  

σ'h, σ'h0 Effective horizontal overburden pressures 

σv, σv0, Total vertical overburden pressures  

σ'v, σ'v0 Effective vertical overburden pressures 

σvld, σvun Vertical stress loading and unloading in oedometer testing  

  Shear stress  

cyc Cyclic shear stress 

max Maximum shear stress  

static Initial static shear stress  

  Internal friction angle  

  Effective internal friction angle  

  Friction angle at the critical state 

  Friction angle at peak state 

,   Parameter controlling degradation of stiffness in intergranular 
strains 

  Dilatancy angle or factor in hypoplasticity 

ω Moisture (water) content 
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A.4  Notations: tensors 
Tensor Description 

D 
Stretching tensor rate of the granular skeleton according to 
Euler 

 Mobilized stiffness tensor 

h Hypoplastic stiffness tensor 

I Unit tensor of the fourth-order 

L Linear hypoplastic stiffness tensor 

M Fourth-order tensor to consider intergranular strains 

N Non-linear hypoplastic stiffness tensor 

 Cauchy stress tensor 

 Cauchy stress rate tensor 

 Stress ratio tensor 

 Deviatoric part of the tensor  

 Intergranular strain tensor 

Rate of intergranular strain tensor 

 Direction of intergranular strain tensor 

 Strain rate tensor 

 

A.5  Abbreviations  
Abbreviation  Description 

ASTM American society for testing and materials  

CLR Cyclic liquefaction resistance 

CRR Cyclic resistance ratio 

CRR7.5 Cyclic resistance ratio at earthquake magnitude, Mw = 7.5  

CRRN Cyclic resistance ratio at N number of load cycles 

CSR Cyclic stress ratio 

CVR Critical void ratio 
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Continued Table A.5 

Abbreviation  Description 

DIN Deutsches Institut für Normung 

EARS East African rift system 

EC-EN Eurocode based Ethiopian design standard code 

ECT-CU Isotropically consolidated and undrained cyclic shear test 

EMT-CD Isotropically consolidated and drained monotonic shear test 

EMT-CU Isotropically consolidated and undrained monotonic shear test 

EPT Permeability tests  

ETP Soil sample from Ethiopia 

FC Fines content 

FE Finite element 

FEA Finite element analysis 

FEM Finite element method 

FLS Flow liquefaction surface 

FS Factor of safety 

GW Groundwater level 

HP Hypoplasticity 

IS Instability line or Intergranular strain 

LFC Limiting fines content 

LL Liquid limit 

MER Main Ethiopian rift 

MMI Modified Mercalli intensity scale 

MSF Magnitude scaling factor 

MWF Magnitude weighting factor 

NCEER National centre for earthquake engineering research 

NE No effect 

NP Non-plastic 
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Continued Table A.5 

Abbreviation  Description 

PGA Peak ground acceleration 

PI Plasticity index of soil 

PT Phase transformation 

PTL Phase transformation line 

PWP Pore water pressure 

QSS Quasi-steady state 

SS, SSL Steady state 

VELACS Verification of liquefaction analyses by centrifuge studies 

USGS United States geological survey 

XRD X-ray diffraction 
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B List of test standards used  

Description ASTM  
standards 

DIN  
standards 

Atterberg limits (LL, PL, PI) ASTM D4318 DIN EN ISO 17892-12 

Classification ASTM D 2487 DIN 18 196 

Cyclic triaxial (load controlled)  ASTM D5311  

Field density (drive-cylinder method) ASTM D2937 DIN 18 125-2 

Hydrometer analysis (Sedimentation 
method) 
 

ASTM D7928 DIN EN ISO 17892-4 

Maximum dry density (or minimum 
void ratio ) 
 

ASTM D4254 DIN 18 126 

Minimum dry density (or maximum 
void ratio) 
 

ASTM D4253 DIN 18 126 

Moisture content (oven dry method) ASTM D2216 DIN EN ISO 17892-1 

Monotonic compression triaxial (un-
drained) 
 

ASTM D4767 DIN EN ISO 17892-9 

Monotonic compression triaxial 
(drained) 
 

ASTM D7181 DIN EN ISO 17892-9 

Oedometer (Incremental loading 
method) 
 

ASTM D2435 DIN EN ISO 17892-5 

Particle size analysis (wet sieve 
method) 
 

ASTM D1140 DIN EN ISO 17892-4 

Permeability of granular soils  ASTM D 2434 DIN EN ISO 17892-11 

Specific gravity (pycnometer method) ASTM D854 DIN EN ISO 17892-3 
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C Formulation of specimen area corrections 
The area correction with the assumption that specimens do not change their 
shape during the testing can be done following simple calculations for drained 
and undrained tests as follows:  

 
Figure B. 1       Cross sectional area of a specimen 
 

 

 Eq. C. 1 

axial strain                                        

 Eq. C. 2 

volumetric strain                              

 Eq. C. 3 

For compression tests              

 Eq. C. 4 

Solving Eq. C. 4, the final cross-sectional area in drained tests is given by:  

  Eq. C. 5 

For undrained compression tests, volumetric change is zero, then  

  Eq. C. 6 
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D Responses: monotonic triaxial tests (additional results) 
D.1           Dense specimens (drained tests) 
EMT-CD-1: Dr = 86.6 %, p’0 = 50 kPa  
EMT-CD-2: Dr = 91.5 %, p’0 = 100 kPa 
EMT-CD-3: Dr = 91.8 %, p’0 = 200 kPa  
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D.2            Dense specimens (drained tests) 
EMT-CD-4: Dr = 74.5 %, p’0 = 50 kPa  
EMT-CD-5: Dr = 82.7 %, p’0 = 100 kPa 
EMT-CD-6: Dr = 88.1 %, p’0 = 200 kPa  
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D.3            Loose specimens (undrained tests) 
EMT-CU-1: Dr = 22.7 %, p’0 = 50 kPa  
EMT-CU-2: Dr = 26.6 %, p’0 = 100 kPa 
EMT-CU-3: Dr = 30.8 %, p’0 = 200 kPa  
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D.4            Loose specimens (undrained tests) 
EMT-CU-4: Dr = 32.9 %, p’0 = 50 kPa  
EMT-CU-5: Dr = 37.4 %, p’0 = 100 kPa 
EMT-CU-6: Dr = 39.2 %, p’0 = 200 kPa  
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D.5            Medium dense specimens (undrained tests)   
EMT-CU-7: Dr = 48.3 %, p’0 = 50 kPa  
EMT-CU-8: Dr = 51.7 %, p’0 = 100 kPa 
EMT-CU-9: Dr = 58.6 %, p’0 = 200 kPa  
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E  Responses: cyclic triaxial tests (additional results) 
E.1            ECT-CU-1 
Dr = 52.2 %, p’0 = 50 kPa, CSR = 0.500, Nc, max = 1200, Ncl = 5, ru = 100 %  
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E.2            ECT-CU-2 
Dr = 60.1 %, p’0 = 100 kPa, CSR = 0.250, Nc, max = 6611,  ru,max = 65.8 %  
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E.3            ECT-CU-3 
Dr = 56.3 %, p’0 = 200 kPa, CSR = 0.125, Nc, max = 31594, Ncl = NLq,  ru,max = 56.4 
%  
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E.4            ECT-CU-4 
Dr = 21.5 %, p’0 = 100 kPa, CSR = 0.250, Nc, max = 33549, Ncl = 855, ru = 100 %  
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E.5            ECT-CU-5 
Dr = 20.8 %, p’0 = 100 kPa, CSR = 0.375, Nc, max = 198, Ncl = 113, ru = 100 %  
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E.6            ECT-CU-6 
Dr = 21.8 %, p’0 = 100 kPa, CSR = 0.500, Nc, max = 86, Ncl = 27, ru = 100 %  
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E.7            ECT-CU-7 
Dr = 21.1 %, p’0 = 100 kPa, CSR = 0.750, Nc, max = 31, Ncl = 7, ru = 100 %  
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E.8            ECT-CU-8 
Dr = 30.5 %, p’0 = 100 kPa, CSR = 0.250, Nc, max = 42201, Ncl = 1086, ru = 100 %  
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E.9            ECT-CU-9 
Dr = 30.8 %, p’0 = 100 kPa, CSR = 0.500, Nc, max = 236, Ncl = 855 ru = 100 %  
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E.10            ECT-CU-10 
Dr = 31.2 %, p’0 = 100 kPa, CSR = 0.500, Nc, max = 251, Ncl = 68, ru = 100 %  
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E.11            ECT-CU-11 
Dr = 30.5 %, p’0 = 100 kPa, CSR = 0.750, Nc, max = 23, Ncl = 19, ru = 100 %  
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E.12            ECT-CU-12 
Dr = 50.1 %, p’0 = 100 kPa, CSR = 0.250, Nc, max = 60040, Ncl = 22345, ru = 100 %  



Appendices 209 
 

 

 

 
 



210 Appendices 

 

 

 

E.13            ECT-CU-13 
Dr = 46.4 %, p’0 = 100 kPa, CSR = 0.375, Nc, max = 3417, Ncl = 1899, ru = 100 %  
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E.14            ECT-CU-14 
Dr = 47.9 %, p’0 = 100 kPa, CSR = 0.500, Nc, max = 1144, Ncl = 962, ru = 100 %  



Appendices 213 
 

 

 

 
 



214 Appendices 

 

 

 

E.15            ECT-CU-15 
Dr = 46.6 %, p’0 = 100 kPa, CSR = 0.750, Nc, max = 54, Ncl = 29, ru = 100 %  



Appendices 215 
 

 

 

 



216 Appendices 

 

 

 

F Responses: oedometric tests (additional results) 
F.1            EOD-1: Dr = 0.1 % (initially very loose specimen) 

 
F.2            EOD-2: Dr = 0.3 % (initially very loose specimen) 

 
F.3            EOD-3: Dr = 15.8 % (initially loose specimen) 
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F.4            EOD-4: Dr = 47.0 % (initially medium dense specimen) 

 
F.5            EOD-5: Dr = 53.4 % (initially medium dense specimen) 

 
F.6            EOD-6: Dr = 71.8 % (initially dense specimen) 
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G Numerical parametric analyses results: hypoplastic model 
G.1            Oedometric test responses of EOD-1 

 
Figure G. 1      Variation of edo    
 

 
Figure G. 2      Variation of eco 
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Figure G. 3      Variation of hs 

 

 
Figure G. 4      Variation of n 
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Figure G. 5      Variation of α 

 

 
Figure G. 6      Variation of β 
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G.2            Monotonic test responses: EMT-CD-1, EMT-CD-2 and EMT-CD-3 

 
Figure G. 7      Variation of edo 
 

 
Figure G. 8      Variation of eco 



222 Appendices 

 

 

 

 
Figure G. 9      Variation of hs 

 

 
Figure G. 10      Variation of n 
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Figure G. 11      Variation of α 

 

 
Figure G. 12      Variation of β 
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G.3            Monotonic test responses of EMT-CU-2 
 

 
Figure G. 13      Variation of edo 
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Figure G. 14      Variation of eco 
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Figure G. 15      Variation of hs 
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Figure G. 16      Variation of n 
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Figure G. 17      Variation of α 
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Figure G. 18      Variation of β 
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H Numerical parametric analyses results: intergranular model 
H.1            Monotonic test responses of EMT-CU-2 

 
Figure H. 1  Variation of R 
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Figure H. 2 Variation of mR 
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Figure H. 3 Variation of βr 
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Figure H. 4 Variation of χ 
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H.2            Cyclic test responses of ECT-CU-2 

 
Figure H. 5 Variation of R 
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Figure H. 6 Variation of mR 
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Figure H. 7 Variation of βr 
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Figure H. 8 Variation of χ 
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Figure H. 9 Variation of ϑ 
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I Numerical simulation of monotonic tests (additional results)  
I.1 EMT-CU-4: Dr = 32.9 %, p’0 = 50 kPa 

 
 

I.2 EMT-CU-5: Dr = 37.2 %, p’0 = 100 kPa 
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I.3 EMT-CU-6: Dr = 39.2 %, p’0 = 200 kPa 

 
 

I.4 EMT-CU-7: Dr = 48.3 %, p’0 = 50 kPa 
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I.5 EMT-CU-8: Dr = 51.7 %, p’0 = 100 kPa 

 
 

I.6 EMT-CU-9: Dr = 58.6 %, p’0 = 200 kPa 
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J Numerical simulation of cyclic triaxial tests (additional results)   
J.1            ECT-CU-4: Dr = 21.5 %, p’0 = 100 kPa, CSR = 0.250 

 
J.2            ECT-CU-5: Dr = 20.8%, p’0 = 100kPa, CSR = 0.375 
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J.3            ECT-CU-6: Dr = 21.8 %, p’0 = 100 kPa, CSR = 0.500 

 
J.4            ECT-CU-7: Dr = 21.1 %, p’0 = 100 kPa, CSR = 0.750 
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J.5            ECT-CU-8: Dr = 30.5 %, p’0 = 100 kPa, CSR = 0.250 

 
J.6            ECT-CU-9: Dr = 30.8 %, p’0 = 100 kPa, CSR = 0.500 
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J.7            ECT-CU-10: Dr = 31.2 %, p’0 = 100 kPa, CSR = 0.500 

 
J.8            ECT-CU-11: Dr = 30.5 %, p’0 = 100 kPa, CSR = 0.750 
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J.9            ECT-CU-12: Dr = 50.1 %, p’0 = 100 kPa, CSR = 0.250 

 
J.10            ECT-CU-13: Dr = 46.4 %, p’0 = 100 kPa, CSR = 0.375 
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J.11            ECT-CU-14: Dr = 47.9 %, p’0 = 100 kPa, CSR = 0.500 

 
J.12            ECT-CU-15: Dr = 46.6 %, p’0 = 100 kPa, CSR = 0.750 
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K Response of embankment under earthquake: additional results   
K.1 Numerical analyses results: e0 = 0.909, Dr = 30.6 % 

 
Figure K. 1 Comparison of input and calculated time histories at point B 
 

 
 Figure K. 2 Comparison of crest level deformations 
 

 
Figure K. 3 Comparison of horizontal displacements (contour fills) 
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Figure K. 4 Computed pore pressures at different locations due to EQ1 

 

 
Figure K. 5 Computed pore pressures at different locations due to EQ2 
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K.2 Numerical analyses results: e0 = 0.812, Dr =46.7 % 

 
Figure K. 6 Comparison of input and calculated time histories at point B 

 

 
Figure K. 7 Comparison of crest level deformations 
 

 
Figure K. 8 Comparison of horizontal hisplacements (contour fills) 
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Figure K. 9 Computed pore pressures at different locations due to EQ1 
 

 
Figure K. 10 Computed pore pressures at different locations due to EQ2 
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